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ABSTRACT
Masonry infill walls are a common building element found in many areas of the world.
Masonry infill panels have beneficial thermal and acoustic insulating properties and are
often used for interior partitions as well as exterior walls. The structural properties of
masonry infill walls, however, are often overlooked. In common practice, infill walls are
treated as architectural elements and their influence on the behavior of the structural
frame is not considered during design. Ignoring the contribution of masonry infill walls
to the stiffness and response of building structures can lead to uneconomical design as
well as unexpected behavior and even catastrophic collapse.

Masonry infill walls increase the stiffness of structural frames and help to limit building
deflections under normal lateral loads such as wind and small seismic events. Not
accounting for the stiffness of infill walls in the design of infilled frames, however, can
result in damage to the infill material and non-ductile frame behavior during large
seismic events. A new concept in the performance and design of masonry infill walls is
the idea of a structural fuse system. This seismic isolation system allows for composite
interaction between infill walls and the structural frame under normal lateral loads.
Brittle failure of the infill walls or frame elements is prevented by the introduction of a
fuse mechanism, which isolates the infill material from the frame under higher loads.

The primary objectives of this research program were to study the behavior of the
structural fuse system under cyclic loads and to evaluate the performance of the system
for use with various masonry materials. Additional objectives were to evaluate the
performance of lumber disk fuse elements as a viable option for use in a fuse mechanism
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seismic isolation system, and to determine the shear and compressive strengths of the
masonry materials used in the parametric study.

A new experimental program was developed and executed to accomplish these goals.
Cyclic tests were performed by applying simultaneous, displacement controlled loads at
the first, second, and third stories of a two-bay, three-story steel test frame with brick
infill walls; using a quasi-static loading protocol to create a first mode response in the
structural system. A parametric study was also completed by replacing the brick walls
with infill panels constructed of other masonry materials including concrete masonry
units (CMU) and autoclaved aerated concrete (AAC) blocks, and applying monotonically
increasing, displacement controlled loads to the test frame. During these tests, in-plane
damage was not observed in the brick, CMU, or AAC infill walls. The results of this
study showed that the lumber disk structural fuse elements worked well as seismic
isolation devices.

Based on the provisions of the Masonry Standards Joint Committee, MSJC (2008),
equations were developed for determining the nominal in-plane strength of infill walls
constructed of various masonry materials. The in-plane wall capacities predicted by
these equations were compared to the results of destructive wall panel shear tests that
were performed as part of this testing program. A simplified macro model was
developed using SAP2000, and compared to the results of the monotonic tests. This
approach was evaluated for use in the design office. It was determined that a more
rigorous analytical technique is required to successfully capture the in-plane behavior of
the structural fuse system.

v

TABLE OF CONTENTS
LIST OF FIGURES ........................................................................................................... ix
LIST OF TABLES........................................................................................................... xix
ACKNOWLEDGEMENTS............................................................................................. xxi
Chapter 1 - Introduction...................................................................................................... 1
1.1 Introduction.............................................................................................................. 1
1.2 Problem Statement ................................................................................................... 2
1.3 Research Objectives................................................................................................. 5
1.4 Organization of the Thesis ....................................................................................... 7
Chapter 2 - Literature Review........................................................................................... 11
2.1 Masonry Infill Walls In Frame Buildings............................................................... 11
2.2 Seismic Performance of Masonry Infill Walls....................................................... 14
2.3 Strength of Masonry Materials .............................................................................. 18
2.4 Early Testing of Masonry Infilled Frames............................................................. 22
2.5 Out-of-Plane Behavior of Infilled Frames ............................................................. 24
2.6 In-Plane Behavior and Failure Mechanisms .......................................................... 27
2.7 Infill Walls with Openings..................................................................................... 30
2.8 Dynamic Testing Methods..................................................................................... 32
2.9 Dynamic Testing and Response of Masonry Structures ........................................ 34
2.10 Load Histories for Quasi-Static Cyclic Loading.................................................. 42
2.11 Analytical Models for Predicting the In-Plane Behavior of Infilled Frames........ 45
2.11.1 Benjamin and Williams (1958)..................................................................... 45
2.11.2 Polyakov (1960), (1963) ............................................................................... 46
2.11.3 Holmes (1961) .............................................................................................. 47
2.11.4 Stafford-Smith (1962)................................................................................... 49
2.11.5 Stafford-Smith and Carter (1969) ................................................................. 50
2.11.6 Liauw and Lee (1977)................................................................................... 52
2.11.7 Mehrabi et al. (1996)..................................................................................... 54
2.11.8 Flanagan and Bennett (2001) ........................................................................ 55
2.11.9 Shing and Mehrabi (2002) ............................................................................ 56
2.11.10 NEHRP (2000) & MSJC (2002) ................................................................. 59
2.11.11 MSJC (2008) (TMS 402-08/ACI 530-08/ASCE 5-08)............................... 60
2.12 Analysis of Infill Frames using Finite Element Methods .................................... 63
2.12.1 Mallick and Severn 1967 .............................................................................. 64
2.12.2 Liauw and Kwan 1982 .................................................................................. 65
2.12.3 Combescure et al. 1995................................................................................. 66
2.12.4 Barsotti et al. 1998 ........................................................................................ 68
2.12.5 Chiou et al. 1999 ........................................................................................... 69
2.12.6 Dawe et al. 2001a.......................................................................................... 71
2.12.7 Dawe et al., 2001b ........................................................................................ 73
2.12.8 Ghosh and Amde 2002.................................................................................. 74
2.12.9 Shing and Mehrabi (2002) ............................................................................ 76
2.13 Macro Models ...................................................................................................... 77
2.14 Structural Fuse System ........................................................................................ 81
2.15 Literature Review Summary ................................................................................ 83

vi
Chapter 3 - Experimental Program ................................................................................... 87
3.1 Overview................................................................................................................ 87
3.2 Test Facility and Experimental Apparatus............................................................. 88
3.2.1 Test Frame and Reaction Platform ................................................................. 88
3.2.2 Diagonal X-Bracing ........................................................................................ 92
3.2.3 Hydraulic Cylinders ........................................................................................ 94
3.2.4 Structural Fuse Element and Fuse Mechanism............................................... 96
3.2.5 Masonry Infill Walls ....................................................................................... 98
3.3 Lumber Disk Puncture Tests................................................................................ 104
3.3.1 Test Objectives.............................................................................................. 104
3.3.2 Test Set-Up and Equipment .......................................................................... 104
3.3.3 Instrumentation ............................................................................................. 105
3.3.4 Test Procedure .............................................................................................. 106
3.4 Masonry Infill Wall Destructive Shear Tests....................................................... 111
3.4.1 Test Objectives.............................................................................................. 111
3.4.2 Test Set-Up and Equipment .......................................................................... 112
3.4.3 Instrumentation ............................................................................................. 113
3.4.4 Test Procedure .............................................................................................. 114
3.5 Masonry Prism Tests............................................................................................ 117
3.5.1 Test Objectives.............................................................................................. 117
3.5.2 Test Set-Up and Equipment .......................................................................... 117
3.5.3 Test Procedure .............................................................................................. 118
3.6 Cyclic Testing Program ....................................................................................... 120
3.6.1 Overview....................................................................................................... 120
3.6.2 Bare Frame Tests (BFMT/BFCT)................................................................. 123
3.6.2.1 Test Objectives....................................................................................... 123
3.6.2.2 Test Set-Up and Equipment ................................................................... 123
3.6.2.3 Instrumentation ...................................................................................... 125
3.6.2.4 Test Procedure ....................................................................................... 126
3.6.3 Monotonic Tests with Fuse Elements (FBMT) ............................................ 130
3.6.3.1 Test Objectives....................................................................................... 130
3.6.3.2 Test Set-Up and Equipment ................................................................... 130
3.6.3.3 Instrumentation ...................................................................................... 131
3.6.3.4 Test Procedure ....................................................................................... 132
3.6.4 Cyclic Testing with Brick Infill Walls and Fuse Elements (FBCT/HBCT) . 134
3.6.4.1 Test Objectives....................................................................................... 134
3.6.4.2 Test Set-Up and Equipment ................................................................... 135
3.6.4.3 Instrumentation ...................................................................................... 136
3.6.4.4 Test Procedure ....................................................................................... 137
3.7 Parametric Testing Program ................................................................................ 139
3.7.1 Test Objectives.............................................................................................. 139
3.7.2 Test Set-Up and Equipment .......................................................................... 141
3.7.3 Instrumentation ............................................................................................. 142
3.7.4 Test Procedure .............................................................................................. 142
Chapter 4 - Results and Discussion ................................................................................ 144
4.1 Overview.............................................................................................................. 144

vii
4.2 Lumber Disk Fuse Element Puncture Tests......................................................... 144
4.2.1 Lumber Disk Puncture Test Summary.......................................................... 144
4.2.2 Puncture Test Observations .......................................................................... 146
4.2.3 Puncture Test Results.................................................................................... 149
4.2.4 Discussion ..................................................................................................... 157
4.3 Masonry Wall Panel Shear Tests ......................................................................... 159
4.3.1 Wall Panel Shear Test Summary .................................................................. 159
4.3.2 Wall Panel Shear Test Observations............................................................. 161
4.3.3 Wall Panel Shear Test Results ...................................................................... 167
4.3.4 Discussion ..................................................................................................... 176
4.4 Masonry Prism Tests............................................................................................ 177
4.4.1 Prism Test Summary..................................................................................... 177
4.4.2 Prism Test Observations ............................................................................... 178
4.4.3 Prism Test Results......................................................................................... 184
4.4.4 Discussion ..................................................................................................... 185
4.5 Cyclic Testing Program ....................................................................................... 186
4.5.1 Cyclic Testing Program Overview................................................................ 186
4.5.2 Bare Frame Monotonic Tests (BFMT) ......................................................... 189
4.5.2.1 Bare Frame Monotonic Test Summary.................................................. 189
4.5.2.2 Bare Frame Monotonic Test Results...................................................... 190
4.5.2.3 Discussion .............................................................................................. 195
4.5.3 Full Brace Monotonic Tests (FBMT) ........................................................... 198
4.5.3.1 Full Brace Monotonic Test Summary.................................................... 198
4.5.3.2 Full Brace Monotonic Test Results........................................................ 199
4.5.3.3 Discussion .............................................................................................. 208
4.5.4 Bare Frame Cyclic Tests (BFCT) ................................................................. 216
4.5.4.1 Bare Frame Cyclic Test Summary......................................................... 216
4.5.4.2 Bare Frame Cyclic Test Results............................................................. 217
4.5.4.3 Discussion .............................................................................................. 224
4.5.5 Full Brace Cyclic Tests (FBCT) ................................................................... 227
4.5.5.1 Full Brace Cyclic Test Summary........................................................... 227
4.5.5.2 Full Brace Cyclic Test Observations ..................................................... 228
4.5.5.3 Full Brace Cyclic Test Results............................................................... 233
4.5.5.4 Discussion .............................................................................................. 246
4.5.6 Half Brace Cyclic Tests (HBCT).................................................................. 248
4.5.6.1 Half Brace Cyclic Test Summary .......................................................... 248
4.5.6.2 Half Brace Cyclic Test Observations..................................................... 249
4.5.6.2 Half Brace Cyclic Test Results .............................................................. 251
4.5.6.4 Discussion .............................................................................................. 257
4.6 Parametric Testing Program ................................................................................ 258
4.6.1 Parametric Testing Program Overview......................................................... 258
4.6.2 Parametric Tests with CMU Wall Specimens (CMUT) ............................... 260
4.6.2.1 CMU Test Summary .............................................................................. 260
4.6.2.2 CMU Test Observations ........................................................................ 262
4.6.2.3 CMU Test Results.................................................................................. 266
4.6.2.4 Discussion .............................................................................................. 272

viii
4.6.3 Parametric Tests with AAC Wall Specimens (AACT)................................. 273
4.6.3.1 AAC Test Summary............................................................................... 273
4.6.3.2 AAC Test Observations ......................................................................... 274
4.6.3.3 AAC Test Results .................................................................................. 279
4.6.3.4 Discussion .............................................................................................. 285
4.7 Summary of Experimental Results ...................................................................... 286
Chapter 5 – Analytical Modeling and Design Guidelines .............................................. 292
5.1 Overview.............................................................................................................. 292
5.2 In-Plane Strength of Masonry Infill Panels in the Structural Fuse System ......... 293
5.3 Equivalent Strut Macro Model Analysis with SAP2000 v14 .............................. 300
5.4 Design Considerations ......................................................................................... 309
Chapter 6 – Summary, Conclusions, and Recommendations ......................................... 310
6.1 Summary .............................................................................................................. 310
6.2 Conclusions.......................................................................................................... 315
6.3 Recommendations for Future Work..................................................................... 317
Appendix A. Additional Wood Disk Puncture Test Results........................................... 318
Appendix B. Monotonic Test Fuse Element Damage .................................................... 326
Appendix C. Cyclic Test Load-Deflection Hysteretic Behavior .................................... 331
Appendix D. Cyclic Test Fuse Element Damage ........................................................... 337
Appendix E. Parametric Test Fuse Element Damage..................................................... 362
References....................................................................................................................... 387

ix

LIST OF FIGURES
Figure 1.1: Soft story failure mechanism (Gulkan et. al. 2002). ........................................ 9
Figure 1.2: Damage caused by the 2001 Bhuj earthquake (Jaiswal et al. 2002) .............. 10
Figure 1.3: Short column shear failure (Loaiza and Blondet 2002) ................................. 10
Figure 2.1: Infill wall failure mechanisms (Shing and Mehrabi 2002)............................. 29
Figure 2.2: Potential shear sliding surfaces in infill panels (Moghaddam 2004). ............ 29
Figure 2.3: Shake table tests (Tomazevic and Klemenc 1997)......................................... 40
Figure 2.4: Load histories used by Mosalam et al. (1997a) to determine static response of
infilled frames by quasi-static experimentation................................................................ 41
Figure 2.5: Load history used by Elgawady et al. (2004)................................................. 42
Figure 2.6: Load history for a multiple step test (Krawinkler 1992). ............................... 45
Figure 2.7: Steel frame with concrete infill panel subject to a horizontal shear load....... 48
Figure 2.8: Equivalent diagonal strut model from (Holmes 1961)................................... 49
Figure 2.9: Equivalent diagonal strut model (Stafford-Smith 1962). ............................... 50
Figure 2.10: Probable infilled frame failure modes (Shing and Mehrabi 2002)............... 58
Figure 3.1: Front elevation of the 1/4 scale, two-bay, three-story steel test frame........... 90
Figure 3.2: Steel reaction frame and concrete test platform ............................................. 91
Figure 3.3: Steel test frame with brick infill walls in place .............................................. 92
Figure 3.4: Diagonal X-bracing design............................................................................. 93
Figure 3.5: Detail of hydraulic cylinder connection to the test frame .............................. 95
Figure 3.6: Hydraulic loading jack attached to the test frame .......................................... 95
Figure 3.7: Fuse mechanism ............................................................................................. 98
Figure 3.8: Solid clay brick infill wall specimen............................................................ 100
Figure 3.9: Brick infill wall panel on steel test frame..................................................... 100
Figure 3.10: CMU infill wall specimen .......................................................................... 101
Figure 3.11: CMU infill wall panels during construction............................................... 101
Figure 3.12: AAC infill wall specimen........................................................................... 102
Figure 3.13: AAC infill wall panels after construction................................................... 102
Figure 3.14: HCT infill wall specimen ........................................................................... 103

x
Figure 3.15: HCT infill wall panel after construction..................................................... 103
Figure 3.16: Puncture test set-up .................................................................................... 107
Figure 3.17: Milling machine and hole-saw ................................................................... 107
Figure 3.18: Instron load frame ...................................................................................... 107
Figure 3.19: Steel pipe and seat disk .............................................................................. 108
Figure 3.20: Steel rod and end plate ............................................................................... 108
Figure 3.21: Lumber disk puncture test .......................................................................... 109
Figure 3.22: Data acquisition system.............................................................................. 109
Figure 3.23: Strain gage placement on threaded steel rod from Aliaari (2005) ............. 109
Figure 3.24: Quarter-bridge strain gage circuit............................................................... 110
Figure 3.25: Destructive shear test set-up....................................................................... 114
Figure 3.26: Shear test set-up used by Aliaari (2005) .................................................... 115
Figure 3.27: Enerpac electric hydraulic pump and manual controller............................ 115
Figure 3.28: Instrumentation set-up for the destructive shear tests ................................ 116
Figure 3.29: Data Acquisition System ............................................................................ 116
Figure 3.30: CMU prism specimen................................................................................. 119
Figure 3.31: HCT prism specimen on Tinius Olsen load frame ..................................... 119
Figure 3.32: Test frame configurations for the cyclic testing program .......................... 122
Figure 3.33: Pressure control valve ................................................................................ 127
Figure 3.34: Enerpac manually operated hydraulic pump .............................................. 127
Figure 3.35: Simplex electric hydraulic pump................................................................ 127
Figure 3.36: Instrumentation........................................................................................... 128
Figure 3.37: Data acquisition system.............................................................................. 128
Figure 3.38: Instrumentation schematic for bare frame tests.......................................... 129
Figure 3.39: Lumber disk fuse element installed in the fuse mechanism....................... 133
Figure 3.40: Instrumentation schematic for full brace monotonic tests.......................... 133
Figure 3.41: Half-bridge strain gage circuit.................................................................... 138
Figure 3.42: Instrumentation schematic for full brace cyclic tests ................................. 138
Figure 3.43: Test frame configurations for the parametric testing program................... 140
Figure 3.44: Instrumentation schematic for the parametric testing program.................. 143

xi
Figure 4.1: Disk specimens tested in the first series of puncture tests ........................... 145
Figure 4.2: Puncture test on 1.5 in. disk specimen ......................................................... 147
Figure 4.3: Failure of 0.5 in. disk specimens.................................................................. 148
Figure 4.4: Shear punching and middle strip failure in 0.75 in. disk specimens ............ 148
Figure 4.5: Shear punching and middle strip failure of 1.0 in. disk specimens.............. 148
Figure 4.6: Failure of 1.5 in. disk specimens.................................................................. 149
Figure 4.7: Lumber disk capacities................................................................................. 151
Figure 4.8: Average disk capacity per thickness ............................................................ 151
Figure 4.9: Relationship between lumber disk thickness and capacity .......................... 152
Figure 4.10: Load-deflection relationship for 0.5 in. disk specimens ............................ 152
Figure 4.11: Load-deflection relationship for 0.75 in. disk specimens .......................... 153
Figure 4.12: Load-deflection relationship for 1.0 in. disk specimens ............................ 153
Figure 4.13: Load-deflection relationship for 1.5 in. disk specimens ............................ 154
Figure 4.14: Steel punching rod with strain gages mounted on opposite sides .............. 156
Figure 4.15: Measured and theoretical strain in steel rod (disk specimen D10)............. 156
Figure 4.16: Experimental set-up for the masonry wall panel shear tests ...................... 160
Figure 4.17: Crushing failure mode in W1 ..................................................................... 164
Figure 4.18: Diag. cracking and shear sliding in W2 ..................................................... 164
Figure 4.19: Diag. cracking and shear sliding in W3 ..................................................... 164
Figure 4.20: Crushing of AAC material in W4............................................................... 164
Figure 4.21: Shear sliding and diag. cracking in W5...................................................... 165
Figure 4.22: Stepped and diagonal cracking in W6........................................................ 165
Figure 4.23: Shear sliding along mortar joint in W7 ...................................................... 165
Figure 4.24: Stepped cracking in W8 ............................................................................. 165
Figure 4.25: Stepped cracking in W9 ............................................................................. 166
Figure 4.26: Stepped cracking of W10 ........................................................................... 166
Figure 4.27: Failure along the mortar joints in W9 ........................................................ 166
Figure 4.28: Failure along the mortar joints in W10 ...................................................... 166
Figure 4.29: Stroke displacement histories from the AAC wall panel shear tests.......... 169
Figure 4.30: Load-deflection behavior of the AAC wall panel shear test specimens..... 170
Figure 4.31: Load histories from the AAC wall panel shear tests .................................. 170

xii
Figure 4.32: Stroke displacement histories from the CMU wall panel shear tests ......... 172
Figure 4.33: Load-deflection behavior of the CMU wall panel shear test specimens.... 172
Figure 4.34: Load histories from the CMU wall panel shear tests ................................. 173
Figure 4.35: Stroke displacement histories from the HCT wall panel shear tests .......... 174
Figure 4.36: Load-deflection behavior of the HCT wall panel shear test specimens ..... 175
Figure 4.37: Load histories from the HCT wall panel shear tests .................................. 175
Figure 4.38: Front and right-side view of specimen P1 after the prism test................... 179
Figure 4.39: Back and left-side view of specimen P1 after the prism test...................... 179
Figure 4.40: Front and right-side view of specimen P2 after the prism test................... 179
Figure 4.41: Back and left-side view of specimen P2 after the prism test...................... 180
Figure 4.42: Specimen P4 during and after the prism test.............................................. 181
Figure 4.43: Specimen P6 before and after the prism test .............................................. 181
Figure 4.44: Specimen P7 before and after the prism test .............................................. 181
Figure 4.45: Side views of specimen P7 after the prism test .......................................... 182
Figure 4.46: Front and right-side view of specimen P8 after the prism test................... 182
Figure 4.47: Back and left-side view of specimen P8 after the prism test...................... 183
Figure 4.48: Front and back view of specimen P9 after the prism test........................... 183
Figure 4.49: Front and back view of specimen P10 after the prism test......................... 183
Figure 4.50: Cyclic test program test configurations...................................................... 188
Figure 4.51: Test BFMT1 displacement history ............................................................. 192
Figure 4.52: Test BFMT2 displacement history ............................................................. 192
Figure 4.53: Test BFMT1 load history ........................................................................... 193
Figure 4.54: Test BFMT2 load history ........................................................................... 193
Figure 4.55: Test BFMT1 load-deflection relationship .................................................. 194
Figure 4.56: Test BFMT2 load-deflection relationship .................................................. 194
Figure 4.57: Test BFMT1 third story load-deflection slope ........................................... 197
Figure 4.58: Test BFMT2 third story load-deflection slope ........................................... 197
Figure 4.59: Test FBMT1 displacement history ............................................................. 200
Figure 4.60: Test FBMT2 displacement history ............................................................. 200
Figure 4.61: Test FBMT1 load history ........................................................................... 201
Figure 4.62: Test FBMT2 load history ........................................................................... 201

xiii
Figure 4.63: Test FBMT1 load-deflection relationship .................................................. 202
Figure 4.64: Test FBMT2 load-deflection relationship .................................................. 202
Figure 4.65: Fuse element on test frame during FBMT1................................................ 203
Figure 4.66: Fuse element location on test frame ........................................................... 204
Figure 4.67: Test FBMT1 1st story rod histories............................................................. 205
Figure 4.68: Test FBMT2 1st story rod histories............................................................. 205
Figure 4.69: Test FBMT1 2nd story rod histories............................................................ 206
Figure 4.70: Test FBMT2 2nd story rod histories............................................................ 206
Figure 4.71: Test FBMT1 3rd story rod histories ............................................................ 207
Figure 4.72: Test FBMT2 3rd story rod histories ............................................................ 207
Figure 4.73: Test FBMT1 total in-plane load vs. 3rd story deflection ............................ 210
Figure 4.74: Test FBMT2 total in-plane load vs. 3rd story deflection ............................ 210
Figure 4.75: Quasi-static cyclic loading history ............................................................. 215
Figure 4.76: Bare frame cyclic test BFCT1 displacement history.................................. 218
Figure 4.77: Bare frame cyclic test BFCT2 displacement history.................................. 218
Figure 4.78: Bare frame cyclic test BFCT1 load history ................................................ 219
Figure 4.79: Bare frame cyclic test BFCT2 load history ................................................ 219
Figure 4.80: BFCT1 1st Story hysteretic behavior .......................................................... 222
Figure 4.81: BFCT1 2nd Story hysteretic behavior ......................................................... 222
Figure 4.82: BFCT1 3rd Story hysteretic behavior.......................................................... 222
Figure 4.83: BFCT2 1st Story hysteretic behavior .......................................................... 223
Figure 4.84: BFCT2 2nd Story hysteretic behavior ......................................................... 223
Figure 4.85: BFCT2 3rd Story hysteretic behavior.......................................................... 223
Figure 4.86: Typical rod failure location ........................................................................ 231
Figure 4.87: Failed brace specimen, FBCT1 .................................................................. 231
Figure 4.88: Full brace cyclic test FBCT1 displacement history.................................... 234
Figure 4.89: Full brace cyclic test FBCT2 displacement history.................................... 234
Figure 4.90: Full brace cyclic test FBCT3 displacement history.................................... 235
Figure 4.91: Full brace cyclic test FBCT4 displacement history.................................... 235
Figure 4.92: Full brace cyclic test FBCT1 load history.................................................. 237
Figure 4.93: Full brace cyclic test FBCT2 load history.................................................. 237

xiv
Figure 4.94: Full brace cyclic test FBCT3 load history.................................................. 238
Figure 4.95: Full brace cyclic test FBCT4 load history.................................................. 238
Figure 4.96: Fuse element locations on test frame ......................................................... 241
Figure 4.97: Fuse location 6 during test FBCT1............................................................. 245
Figure 4.98: Fuse location 1 during tests FBCT2 ........................................................... 245
Figure 4.99: Cracking of 0.5 in. disk at fuse location 10 during test HBCT1 ................ 250
Figure 4.100: Rod punching in 1 in. disk at fuse location 3 during test HBCT1 ........... 250
Figure 4.101: Half brace cyclic test HBCT1 displacement history ................................ 252
Figure 4.102: Half brace cyclic test HBCT2 displacement history ................................ 252
Figure 4.103: Half brace cyclic test HBCT1 load history .............................................. 254
Figure 4.104: Half brace cyclic test HBCT2 load history .............................................. 254
Figure 4.105: Parametric testing program test configurations........................................ 259
Figure 4.106: Test frame with CMU wall panels ........................................................... 261
Figure 4.107: Parametric test fuse element locations ..................................................... 261
Figure 4.108: Crack at lower right corner of CMU wall panel....................................... 262
Figure 4.109: Misalignment of punching rod at fuse location 10................................... 263
Figure 4.110: Damage to fuse 10 during test CMUT2 ................................................... 264
Figure 4.111: Diagonal bracing rod failure during test CMUT2 .................................... 265
Figure 4.112: CMUT1 (0.875, 0.75 and 0.5 in. disks) displacement history ................. 267
Figure 4.113: CMUT2 (0.875, 0.75 and 0.5 in. disks) displacement history ................. 267
Figure 4.114: CMUT3 (0.5 in. disks) displacement history ........................................... 268
Figure 4.115: CMUT4 (0.5 in. disks) displacement history ........................................... 268
Figure 4.116: CMUT5 (0.875, 0.75 and 0.5 in. disks, half brace) displacement history 269
Figure 4.117: CMUT6 (0.875, 0.75 and 0.5 in. disks, half brace) displacement history 269
Figure 4.118: CMUT third story load histories .............................................................. 271
Figure 4.119: CMUT third story load-deflection behavior............................................. 271
Figure 4.120: Test frame with AAC wall panels ............................................................ 274
Figure 4.121: Local crushing of AAC material .............................................................. 275
Figure 4.122: Plate separation from AAC wall panel after AACT1............................... 276
Figure 4.123: Plate separation from AAC wall panel during AACT3 ........................... 277
Figure 4.124: Cracking at fuse location 4 during test AACT4 ....................................... 278

xv
Figure 4.125: Damage at fuse location 6 during test AACT4 ........................................ 278
Figure 4.126: AACT1 (0.75, 0.5 and 0.25 in. disks) displacement history .................... 280
Figure 4.127: AACT2 (0.75, 0.5 and 0.25 in. disks) displacement history .................... 280
Figure 4.128: AACT3 (0.25 in. disks) displacement history.......................................... 281
Figure 4.129: AACT4 (0.25 in. disks) displacement history.......................................... 281
Figure 4.130: AACT5 (0.75, 0.5 and 0.25 in. disks, half brace) displacement history .. 282
Figure 4.131: AACT6 (0.75, 0.5 and 0.25 in. disks, half brace) displacement history .. 282
Figure 4.132: AACT third story load histories ............................................................... 284
Figure 4.133: AACT third story load-deflection behavior ............................................. 284
Figure 5.1: Masonry infill wall under in-plane load ....................................................... 294
Figure 5.2: SAP2000 analysis model.............................................................................. 303
Figure 5.3: 3D view of SAP2000 analysis model........................................................... 304
Figure A.1: 0.25 in. disk capacity ................................................................................... 319
Figure A.2: 0.5 in. disk capacity ..................................................................................... 319
Figure A.3: 0.5 in. disk capacity ..................................................................................... 320
Figure A.4: 0.5 in. disk capacity ..................................................................................... 320
Figure A.5: 0.5 in. disk capacity ..................................................................................... 321
Figure A.6: 0.5 in. disk capacity ..................................................................................... 321
Figure A.7: 0.5 in. disk capacity ..................................................................................... 322
Figure A.8: 0.75 in. disk capacity ................................................................................... 322
Figure A.9: 0.75 in. disk capacity ................................................................................... 323
Figure A.10: 0.875 in. disk capacity ............................................................................... 323
Figure A.11: 1.0 in disk capacity .................................................................................... 324
Figure A.12: 1.0 in. disk capacity ................................................................................... 324
Figure A.13: 1.0 in. disk capacity ................................................................................... 325
Figure B.1: Monotonic test disk locations on test frame ................................................ 326
Figure B.2: FBMT1 damage to fuse elements 2, 4 and 6 ............................................... 327
Figure B.3: FBMT1 damage to fuse elements 8, 10 and 12 ........................................... 328
Figure B.4: FBMT2 damage to fuse elements 2, 4 and 6 ............................................... 329

xvi
Figure B.5: FBMT2 damage to fuse elements 8, 10 and 12 ........................................... 330
Figure C.1: FBCT1 1st Story Hysteretic Behavior.......................................................... 331
Figure C.2: FBCT1 2nd Story Hysteretic Behavior......................................................... 331
Figure C.3: FBCT1 3rd Story Hysteretic Behavior ......................................................... 331
Figure C.4: FBCT2 1st Story Hysteretic Behavior.......................................................... 332
Figure C.5: FBCT2 2nd Story Hysteretic Behavior......................................................... 332
Figure C.6: FBCT2 3rd Story Hysteretic Behavior ......................................................... 332
Figure C.7: FBCT3 1st Story Hysteretic Behavior.......................................................... 333
Figure C.8: FBCT3 2nd Story Hysteretic Behavior......................................................... 333
Figure C.9: FBCT3 3rd Story Hysteretic Behavior ......................................................... 333
Figure C.10: FBCT4 1st Story Hysteretic Behavior........................................................ 334
Figure C.11: FBCT4 2nd Story Hysteretic Behavior....................................................... 334
Figure C.12: FBCT4 3rd Story Hysteretic Behavior ....................................................... 334
Figure C.13: HBCT1 1st Story Hysteretic Behavior ....................................................... 335
Figure C.14: HBCT1 2nd Story Hysteretic Behavior ...................................................... 335
Figure C.15: HBCT1 3rd Story Hysteretic Behavior....................................................... 335
Figure C.16: HBCT2 1st Story Hysteretic Behavior ....................................................... 336
Figure C.17: HBCT2 2nd Story Hysteretic Behavior ...................................................... 336
Figure C.18: HBCT2 3rd Story Hysteretic Behavior....................................................... 336
Figure D.1: Cyclic test disk locations on test frame ....................................................... 337
Figure D.2: FBCT1 damage to fuse elements 1, 2 and 3................................................ 338
Figure D.3: FBCT1 damage to fuse elements 4, 5 and 6................................................ 339
Figure D.4: FBCT1 damage to fuse elements 7, 8 and 9................................................ 340
Figure D.5: FBCT1 damage to fuse elements 10, 11 and 12.......................................... 341
Figure D.6: FBCT2 damage to fuse elements 1, 2 and 3................................................ 342
Figure D.7: FBCT2 damage to fuse elements 4, 5 and 6................................................ 343
Figure D.8: FBCT2 damage to fuse elements 7, 8 and 9................................................ 344
Figure D.9: FBCT2 damage to fuse elements 10, 11 and 12.......................................... 345
Figure D.10: FBCT3 damage to fuse elements 1, 2 and 3.............................................. 346
Figure D.11: FBCT3 damage to fuse elements 4, 5 and 6.............................................. 347

xvii
Figure D.12: FBCT3 damage to fuse elements 7, 8 and 9.............................................. 348
Figure D.13: FBCT3 damage to fuse elements 10, 11 and 12........................................ 349
Figure D.14: FBCT4 damage to fuse elements 1, 2 and 3.............................................. 350
Figure D.15: FBCT4 damage to fuse elements 4, 5 and 6.............................................. 351
Figure D.16: FBCT4 damage to fuse elements 7, 8 and 9.............................................. 352
Figure D.17: FBCT4 damage to fuse elements 10, 11 and 12........................................ 353
Figure D.18: HBCT1 damage to fuse elements 1, 2 and 3 ............................................. 354
Figure D.19: HBCT1 damage to fuse elements 4, 5 and 6 ............................................. 355
Figure D.20: HBCT1 damage to fuse elements 7, 8 and 9 ............................................. 356
Figure D.21: HBCT1 damage to fuse elements 10, 11 and 12 ....................................... 357
Figure D.22: HBCT2 damage to fuse elements 1, 2 and 3 ............................................. 358
Figure D.23: HBCT2 damage to fuse elements 4, 5 and 6 ............................................. 359
Figure D.24: HBCT2 damage to fuse elements 7, 8 and 9 ............................................. 360
Figure D.25: HBCT2 damage to fuse elements 10, 11 and 12 ....................................... 361
Figure E.1: Monotonic test disk locations on test frame ................................................ 362
Figure E.2: CMUT1 damage to fuse elements 2, 4 and 6............................................... 363
Figure E.3: CMUT1 damage to fuse elements 8, 10 and 12........................................... 364
Figure E.4: CMUT2 damage to fuse elements 2, 4 and 6............................................... 365
Figure E.5: CMUT2 damage to fuse elements 8, 10 and 12........................................... 366
Figure E.6: CMUT3 damage to fuse elements 2, 4 and 6............................................... 367
Figure E.7: CMUT3 damage to fuse elements 8, 10 and 12........................................... 368
Figure E.8: CMUT4 damage to fuse elements 2, 4 and 6............................................... 369
Figure E.9: CMUT4 damage to fuse elements 8, 10 and 12........................................... 370
Figure E.10: CMUT5 damage to fuse elements 2, 4 and 6............................................. 371
Figure E.11: CMUT5 damage to fuse elements 8, 10 and 12......................................... 372
Figure E.12: CMUT6 damage to fuse elements 2, 4 and 6............................................. 373
Figure E.13: CMUT6 damage to fuse elements 8, 10 and 12......................................... 374
Figure E.14: AACT1 damage to fuse elements 2, 4 and 6 ............................................. 375
Figure E.15: AACT1 damage to fuse elements 8, 10 and 12 ......................................... 376
Figure E.16: AACT2 damage to fuse elements 2, 4 and 6 ............................................. 377

xviii
Figure E.17: AACT2 damage to fuse elements 8, 10 and 12 ......................................... 378
Figure E.18: AACT3 damage to fuse elements 2, 4 and 6 ............................................. 379
Figure E.19: AACT3 damage to fuse elements 8, 10 and 12 ......................................... 380
Figure E.20: AACT4 damage to fuse elements 2, 4 and 6 ............................................. 381
Figure E.21: AACT4 damage to fuse elements 8, 10 and 12 ......................................... 382
Figure E.22: AACT5 damage to fuse elements 2, 4 and 6 ............................................. 383
Figure E.23: AACT5 damage to fuse elements 8, 10 and 12 ......................................... 384
Figure E.24: AACT6 damage to fuse elements 2, 4 and 6 ............................................. 385
Figure E.25: AACT6 damage to fuse elements 8, 10 and 12 ......................................... 386

xix

LIST OF TABLES
Table 3.1: Disk grade capacities from Aliaari (2005)....................................................... 96
Table 3.2: Lumber disk test matrix ................................................................................. 110
Table 3.3: Brick infill wall shear test results from Aliaari (2005).................................. 112
Table 3.4: Masonry wall panel test matrix...................................................................... 116
Table 3.5: Masonry prism test matrix ............................................................................. 120
Table 3.6: Test matrix of the cyclic testing program ...................................................... 121
Table 3.7: Test matrix of the parametric testing program .............................................. 140
Table 4.1: Lumber disk specimen properties and capacities .......................................... 150
Table 4.2: Masonry wall panel shear test failure mechanisms ....................................... 162
Table 4.3: Masonry wall panel shear tests results........................................................... 167
Table 4.4: Masonry prism specimens ............................................................................. 178
Table 4.5: Masonry prism test results ............................................................................. 184
Table 4.6: Cyclic testing program test matrix................................................................. 187
Table 4.7: FBMT maximum fuse forces......................................................................... 204
Table 4.8: Fuse element forces during full-brace monotonic tests ................................. 213
Table 4.9: Bare frame cyclic test BFCT1 peak load and displacement values............... 220
Table 4.10: Bare frame cyclic test BFCT2 peak load and displacement values............. 220
Table 4.11: Full brace cyclic test FBCT1 peak load and displacement values............... 239
Table 4.12: Full brace cyclic test FBCT2 peak load and displacement values............... 239
Table 4.13: Full brace cyclic test FBCT3 peak load and displacement values............... 240
Table 4.14: Full brace cyclic test FBCT4 peak load and displacement values............... 240
Table 4.15: Full brace cyclic test FBCT1 peak rod force values (lb) ............................. 242
Table 4.16: Full brace cyclic test FBCT2 peak rod force values (lb) ............................. 242
Table 4.17: Full brace cyclic test FBCT3 peak rod force values.................................... 243
Table 4.18: Full brace cyclic test FBCT4 peak rod force values.................................... 243
Table 4.19: Half brace cyclic test HBCT1 peak load and displacement values ............. 255
Table 4.20: Half brace cyclic test HBCT2 peak load and displacement values ............. 255
Table 4.21: Half brace cyclic test HBCT1 peak rod force values .................................. 256
Table 4.22: Half brace cyclic test HBCT2 peak rod force values .................................. 256

xx
Table 4.23: Parametric testing program test matrix........................................................ 259
Table 5.1: In-plane shear strength analysis parameters .................................................. 297
Table 5.2: In-plane shear strength of masonry wall panels (kip).................................... 298
Table 5.3: In-plane shear strength of AAC walls (kip)................................................... 300
Table 5.4: SAP2000 analytical model member property assignments ........................... 302
Table 5.5: SAP2000 analysis fuse element properties.................................................... 303
Table 5.6: SAP2000 macro-model analysis matrix ........................................................ 308
Table 5.7: SAP2000 macro-model analysis results ........................................................ 308
Table A.1: Additional lumber disk capacities................................................................. 318

xxi

ACKNOWLEDGEMENTS
I would like to thank my thesis advisor, Dr. Ali Memari, for all the time and effort he has
put into my thesis and research work. I would also like to thank my thesis committee
members, Dr. Bohumil Kasal and Dr. Andrews Lepage, for their assistance and
participation in my thesis project. I would like to acknowledge Paul Kremer for his
expertise and help in the laboratory. Thank you to the faculty and staff of the Penn State
Architectural Engineering department for your approachability and commitment to
excellence. A special thanks to my fellow graduate students in the AE department,
including Sally, Panda, Jan, and Matt, for your friendship and support.
I could not have finished this work without the help of my amazing wife, Nicole. Nicole
assisted me in countless ways during this project, and was a constant support during the
long hours of testing and writing. Thank you so much for all of the time and effort you
put into this thesis. I couldn’t have done it without you. I would also like to thank my
wonderful daughter, Arianna, for all her excitement, love, and smiles.
I am so grateful for the encouragement and love from all of my family and friends. I
would especially like to thank my parents, Chester and Grace Kauffman, and my
brothers, Chris and Jeremy, for their ongoing support and encouragement. I would also
like to thank my cousin, Justin Kauffman, for his help in data analysis. Thanks to my
colleagues and the management at Ruby + Associates for your flexibility and support.

1

Chapter 1 - Introduction
1.1 Introduction
Masonry infill walls are a common building element found throughout the world. They
are used in both concrete and steel structures to fill in the gaps between frame members.
Infill walls are constructed of various masonry materials including brick, concrete
masonry units, and hollow clay tiles. In many cases, masonry infill walls are the primary
component of the building envelope system and provide both an exterior finish and a
protective barrier to the outside elements. Masonry infill walls have beneficial thermal
and acoustic insulating properties and are often used for interior partitions as well as
exterior walls.
Masonry is typically chosen as an infill material because of its wide availability, or for its
architectural and insulating characteristics. The structural properties of masonry infill
walls, however, are often overlooked. In common practice, infill walls are treated as an
architectural element and their influence on the behavior of the structural frame is not
considered during design. Ignoring the contribution of masonry infill walls to the
stiffness and response of building structures can lead to uneconomical design as well as
unexpected behavior and even catastrophic collapse.
Masonry infill walls increase the stiffness of structural frames and help to limit building
deflection under normal lateral loads such as wind and small seismic events. This
additional stiffness can also result in brittle failure of the masonry material or frame
elements under larger lateral loads, such as major earthquakes. Overstressing of the
masonry walls and the formation of a collapse mechanism in the structural frame can
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occur if the composite interaction between masonry infill walls and bounding frames is
not accounted for during the design stage.
A new concept in the performance and design of masonry infill walls is the idea of a
structural fuse system (Memari and Aliaari, 2002). This seismic isolation system allows
for composite interaction between infill walls and the structural frame under normal
lateral loads. Brittle failure of the infill walls or frame elements is prevented by the
introduction of a fuse mechanism which isolates the infill material from the frame under
higher loads. Aliaari (2005) tested the performance of the structural fuse system for brick
infill walls under in-plane, monotonic loads. As a continuation of Aliaari’s work, a new
experimental program was developed and executed to evaluate the performance of the
structural fuse system under cyclic loading and for various infill materials.

1.2 Problem Statement
It has been shown through experimental testing and observation that masonry infill walls
have a significant influence on the in-plane stiffness of structural frames (e.g., Thomas
1952, Benjamin and Williams 1958, Holmes 1961, Drysdale et al. 1993, Flanagan et al.
1996, Negro and Colombo 1997, Chaker and Cherifati 1999, Meharbi and Shing 1999,
Shing and Mehrabi 2002, Moghaddam 2004). The increase in frame stiffness due to the
infill walls is beneficial for limiting building drift, but can have a negative impact on the
seismic performance of structures. For concrete and steel buildings with masonry infill
walls, the structural frame is typically designed to resist all of the lateral loads including
wind and seismic forces, without taking into account the strength of the infill material.
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Many designers fail to account for the increase in stiffness and potential decrease in
ductility introduced into structural frames by the addition of unreinforced masonry infill
walls. According to Polyakov (1963), ignoring the contribution of masonry infill walls to
the strength and stiffness of building frames can lead to damage in the masonry walls as
well as an uneconomical design and inefficient use of materials. This oversight can also
result in severe structural damage and collapse in buildings where the ability of the frame
to safely dissipate seismic input energy has been significantly overestimated.
Two of the most common failure modes observed in buildings with masonry infill walls
are soft story mechanisms and short column failures. These can occur when designers
treat infill walls as non-structural elements, leading to poor seismic design and dangerous
building configurations (Flanagan et al. 1996). According to Drysdale et al. (1993) the
presence of masonry infill walls in frame buildings can have a significant effect on the
distribution of lateral loads within the structure. Ignoring this effect can lead to
overstressing of the frame elements and result in partial or total collapse of the structure.
A soft story mechanism typically occurs in multi-story buildings where masonry infill
walls are present at every story level except the ground floor. In this case, the first story
of the structure is more flexible than the upper story levels due to the stiffening effect of
the masonry walls. During an earthquake, a high percentage of the total building
deflection will occur at the first story, resulting in a concentration of story shear forces at
this level (Naeim 2001). A collapse mechanism will develop if the soft story does not
have the lateral force resisting capacity or ductility required to transfer the seismic forces
from the upper stories to the foundation. An example of a soft story mechanism in a
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reinforced concrete moment frame building in Turkey is shown in Figure 1.1. Although
this type of failure mode often occurs at the first story, a soft story mechanism can
develop at any level where there is a discontinuity in strength or stiffness between an
upper and lower story. This is most likely to occur at the ground level since the story
forces are typically the highest at this location (Naeim 2001).
Soft story mechanisms can also develop in buildings where masonry infill walls are
constructed at every story level. During an earthquake, the infill panels at the first story
typically experience the greatest damage since they are exposed to the highest seismic
forces. These infill walls can be significantly weakened due to severe cracking of the
masonry material and even partial collapse of the walls. As a result, the upper stories of
the building are much stiffer and a soft story mechanism can occur at the first story. This
situation is illustrated in Figure 1.2, which shows damage to a reinforced concrete frame
building with masonry infill walls that occurred during the 2001 Bhuj earthquake.
Short column failures often occur in frame structures with partial height infill walls.
When partial height masonry walls are constructed tight against building columns, the
effective height of these columns is significantly reduced. This configuration causes a
stress concentration in the short column at the top of the partial height infill wall, since
seismic forces are distributed to structural elements according to their relative stiffness
(Naeim 2001). During an earthquake, the short columns have less ductility and attract
higher lateral loads, often resulting in shear failure. Short column failures and soft story
mechanisms both result from poor seismic design and failure to take into account the
strength and stiffness of the infill panels. Figure 1.3 shows a short column failure that
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occurred in a confined masonry building. These types of failures can be prevented if the
structural properties of the masonry infill walls are considered at the design stage.
Two approaches are commonly used to account for the influence of masonry infill panels
on the response of structural frames. One approach is to take advantage of the strength
and stiffness of the masonry material and design the structure as a composite system.
The other method is to eliminate the interaction between the masonry material and frame
elements by isolating the infill panels from the structural frame with a physical gap.
The structural fuse concept combines these two approaches by allowing masonry infill
walls to be engaged with the bounding frame up to a predetermined level of lateral load.
For lower levels of load, the strength and stiffness of the masonry material work
compositely with the structural frame to limit lateral deflections. Under higher lateral
loads, the infill panels are disengaged from the structure using a fuse mechanism which
prevents damage to the masonry and the formation of a frame failure mechanism. With
this system, the structural frame can be designed to resist high lateral forces without the
influence of the masonry material.

1.3 Research Objectives
The purpose of this thesis is to evaluate the performance of the structural fuse concept as
a seismic isolation system with an experimental program performed in the Building
Envelope Research Laboratory (BERL) at The Pennsylvania State University. Previous
testing by Aliaari (2005) has shown that the structural fuse concept works well as a
seismic isolation system under static, monotonic loads. This research is intended to build
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on the experimental program performed by Aliaari (2005) who conducted static
monotonic tests on a two-bay, three-story steel frame with brick infill walls and lumber
disk fuse elements. The goal of this project is to obtain new information and results
regarding the in-plane lateral load resisting behavior of the structural fuse system.
The objective of the testing program is to study the response of the structural fuse system
under a quasi-static, cyclic loading history, and to evaluate the performance of the system
for various masonry infill materials. A series of experiments were developed to achieve
these goals. The main tasks to achieve the objectives of these experiments are listed
below.
1. Apply simultaneous, displacement controlled loads at the first, second, and third
story of the test frame in order to create a first mode response in the structural
system.
2. Simulate a seismic loading condition using quasi-static, cyclic loading.
3. Perform a parametric study of the fuse system under static monotonic loads by
replacing the brick masonry infill walls with other masonry materials including
concrete masonry units (CMU), and autoclaved aerated concrete (AAC) blocks.
4. Evaluate the performance of the lumber disk fuse elements as a viable option for
use in a fuse mechanism seismic isolation system.
5. Evaluate the shear and compressive strength of the masonry materials used in the
parametric study.
The purpose of this research is to obtain results that can be used to develop practical
guidelines for the design of multi-story buildings with masonry infill walls equipped with
fuse mechanisms. The ultimate goal is to add to the base of knowledge and data already
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obtained regarding the performance of the structural fuse system in order to aid further
development of this system with the intent of its implementation in industry. The result
of this research will likely be disseminated through publication of two journal articles,
one focusing on the experimental study and analytical/design guideline aspects, and a
second paper as a state-of-the-art review paper on masonry infill wall systems including
innovative solutions. To accomplish these objectives, an experimental testing program
was planned and carried out.
1.4 Organization of the Thesis
This thesis consists of a literature review, a description of the test program, a presentation
and discussion of the test results, a development of design guidelines using empirical data
and analytical methods, and conclusions and recommendations. These topics are
organized by chapter. Appendices with supporting data and a list of references are
provided at the end of the thesis.
A comprehensive, state-of-the art literature review discussing previous research programs
and analytical studies related to masonry infill walls is presented in Chapter 2. The topics
addressed in this review include the historical use and performance of infill walls,
strength of masonry materials, in-plane behavior of masonry infill walls, out-of-plane
response of infill walls, the effect of openings in infill panels, dynamic testing methods,
loading protocols for quasi-static experimentation, analytical methods for predicting infill
wall performance, finite element techniques and macro models for infill wall analysis,
and the structural fuse system. The results of previous testing programs are discussed
and empirical formulas for predicting infill wall behavior are presented. This chapter was
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developed in greater than usual length (for a literature review) with the objective of
converting it to a state-of-the-art review paper.
Chapter 3 is a detailed description of the structural fuse system testing program
completed for this thesis. This program consists of several tests performed at the BERL
test facility including wood disk fuse element compression tests, masonry wall shear
tests, masonry prism tests, cyclic testing of the structural fuse system, and a parametric
study of the structural fuse system with various infill materials. A description of the test
facility, reaction frame, and steel test frame are given. The dimensions and relevant data
for all test specimens are provided. The equipment, instrumentation, data acquisition
system, and procedure used for each test are discussed.
The results of the testing program are presented and discussed in Chapter 4. The
empirical data obtained from each of the tests is given in tables, charts, and graphs
created using Microsoft Excel. Several pictures are included illustrating the condition of
the specimens at the end of the tests. Supplemental data and pictures are provided in the
Appendices.
The development of guidelines for the design and analysis of the structural fuse system
for use in multi-story buildings with masonry infill walls is provided in Chapter 5. This
chapter includes an analytical study using SAP2000 v14 (Computers and Structures,
Inc.), a state-of-the-art, integrated software for structural analysis and design. This study
was conducted to apply the empirical results obtained during the structural fuse system
testing program in a practical, easy to use design method. The SAP2000 software was
used to develop a macro model design approach, based on the equivalent compression
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strut model and the provisions of the Masonry Standards Joint Committee (MSJC 2008)
that can be used in the design office.
A final summary as well as conclusions and recommendations are given in Chapter 6.
These include recommendations for future research and application of the structural fuse
concept. The Appendices and a list of references are provided at the end of this thesis.

Figure 1.1: Soft story failure mechanism (Gulkan et. al. 2002).
(Used with permission from the Earthquake Engineering Research Institute)

10

Figure 1.2: Damage caused by the 2001 Bhuj earthquake (Jaiswal et al. 2002)
(Used with permission from the Earthquake Engineering Research Institute)

Figure 1.3: Short column shear failure (Loaiza and Blondet 2002)
(Used with permission from the Earthquake Engineering Research Institute)
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Chapter 2 - Literature Review
2.1 Masonry Infill Walls In Frame Buildings
Masonry infill walls have been used in concrete and steel frame buildings for many years.
This type of construction is common throughout the world, particularly in developing
countries where masonry materials including clay bricks, concrete blocks, and hollow
clay tiles are readily available (Davidson and Wang, 1985). Mehrabi et al. (1996) note
that masonry infill walls are used for interior partitions and exterior wall assemblies in
both concrete and steel structures. According to Colombo et al. (1998), masonry infilled
steel frames are common in many countries located in seismic areas. It is important to
note the difference between structural frame buildings with masonry infill walls and
confined masonry construction which is also common in many areas of the world.
As discussed by Alcocer and Meli (1993), the in-plane behavior of confined masonry
construction is very different from that of concrete and steel frames infilled with masonry
materials. For the case of confined masonry buildings, the masonry walls are the primary
vertical load carrying component of the structural system. In this type of construction,
vertical reinforced concrete or reinforced masonry tie-columns are used at the corners and
wall intersections to confine the masonry bearing walls. The vertical confining members
are tied together by horizontal bond beams which run along the walls at the floor levels
and roof (Tomazevic and Klemenc, 1997).
For structural frame buildings with masonry infill walls, the masonry wall panels are not
designed to carry vertical loads. In fact, in most cases the reinforced concrete or steel
building frame is designed to carry both the gravity and lateral loads. In this case, the
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infill walls are typically treated as nonstructural elements although they have a significant
influence on the in-plane behavior and seismic performance of the structure (Manos et
al., 1990). According to Colombo et al. (1998), ignoring the effects of the infill panels as
suggested by various building codes does not lead to a safe seismic design. The
assumption that masonry infill walls in concrete and steel frames will only increase the
lateral load capacity of these structures is a common misconception (Paulay and
Priestley, 1992). Many researchers have recognized that the presence of masonry infill
walls in frame buildings has a major impact on the dynamic response of the structure.
Two common design philosophies have been developed in response to the well
documented notion that infill walls have a significant influence on the response of
structural frames to lateral loads (Bertero and Brokken, 1983). One approach is to isolate
the masonry infill walls from the bounding frame with a physical gap. This way the
frame can act independently of the masonry walls and be designed without consideration
of the interaction between the frame and the infill panels. Isolating the infill panels from
the frame can prevent severe cracking and damage to the masonry materials. This is an
important consideration since falling debris from damaged and collapsed infill walls is a
major life safety issue for buildings in seismic areas.
Farbiarz et al. (1999) tested the in-plane behavior of reinforced concrete frames with
brick infill walls. The infill wall specimens were isolated from the single-bay, singlestory test frame with either an empty joint or a joint filled with plastic mortar.
Unidirectional lateral loads were applied to the specimens up to the elastic limit of the
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reinforced concrete test frame. The authors observed that the isolated test panels showed
significantly less damage then those built tight against the frames.
Drysdale et al. (1993) present an analysis method and design example for masonry
infilled frames where the infill panels are supported by the beam underneath but
otherwise isolated from the surrounding frame. Although this approach is effective in
reducing the potential damage to infill panels, it does not take advantage of the lateral
strength and stiffness of the masonry material, which can lead to an uneconomical design
(Polyakov 1963).
The second common design method for masonry infill walls is to recognize their
contribution to the strength and stiffness of the building frame and consider them as
structural elements. Both Drysdale et al. (1993) and Paulay and Priestley (1992) present
analytical methods and design examples based on this approach. In many cases, the size
of the structural members in a building frame is dictated by building drift limits or other
serviceability criteria rather than strength considerations. By taking into account the
stiffness of the masonry infill walls in the calculation of building drift, the framing
members can be reduced in size, resulting in a more economical design.
The philosophy behind this design method is to take advantage of the added strength of
the masonry material since it will be present in the building whether it is considered a
structural element or not. According to Bertero and Brokken (1983), this is particularly
advantageous for moment resisting frames. These authors also note that in general it is
poor design practice to use unreinforced masonry infill panels if the panels are built tight
against the bounding frame. This approach requires careful consideration of the
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composite interaction between the structural frame and the infill panels so that both can
be designed to safely resist lateral loads.
A disadvantage of this method is that the structural frame cannot act independently of the
infill walls when subjected to large seismic forces. The added stiffness of the infill
panels decreases the natural period of the structure which results in higher seismic forces
(Bertero and Brokken 1983). Severe cracking of the masonry infill walls and shedding of
debris may take place if the infill walls are not properly designed and detailed. By
isolating the infill walls from the concrete or steel frame, the structure can dissipate the
seismic input energy in a more predictable and safe manner.

2.2 Seismic Performance of Masonry Infill Walls
There are many references in the literature regarding the historical performance of
masonry infilled frames during major seismic events. Flanagan et al. (1996) reported on
the behavior of structural frames with masonry infill walls during several past
earthquakes. The results of this study indicate that masonry infill walls greatly increase
the stiffness and strength of building frames, but decrease the natural period, resulting in
higher inertial forces.
In some cases, the presence of masonry infill walls appeared to be quite beneficial in
preventing the collapse of buildings and improving the overall life safety. This was
demonstrated during the 1990 Manjil earthquake in Iran where buildings with infill walls
suffered far less damage than comparable buildings without infill walls (Flanagan et al.,
1996). In other cases, masonry infill walls seemed to have a detrimental effect on the
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performance of structural frames during seismic events. This was seen in the 1993 Guam
earthquake where two large buildings with masonry infilled frames exhibited some of the
most severe damage (Flanagan et al. 1997).
Schneider et al. (1998) note that significant damage was observed in several steel frame
buildings with brick masonry infill walls in Oakland, California as a result of the Loma
Prieta earthquake of 1989. Negro and Colombo (1997) found that masonry infill walls
can have a dramatic impact on the global seismic response of framed structures.
According to these authors, treating masonry infill walls as nonstructural panels does not
generally result in a safe design. Fardis and Calvi (1995) note that infill walls increase
the global resistance of structures to lateral loads and add to the energy dissipation
capacity. This increase in lateral resistance, however, does not necessary counterbalance
the potential increase in inertial forces caused by the presence of the infill walls.
Masonry infill walls add strength to structural frames and limit deflections, which help to
keep the response of structures within the elastic range. Infill walls also increase the
seismic forces on buildings and may result in decreased ductility. Chaker and Cherifati
(1999) measured the response of two adjacent reinforced concrete buildings in Algeria to
wind induced, ambient vibrations. Both buildings were three stories high and were
designed according to the same standard. The structures were very similar except one of
the buildings contained brick infill panels whereas the other did not. The results of these
tests showed the building with infill walls had a significantly higher fundamental
frequency, and an in-plane lateral stiffness that was 7.0 times greater than that of the bare
frame structure.
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Jaw and Hart (1994) also used ambient wind vibration measurements as well as
nondestructive material tests to evaluate the dynamic properties of a 13-story, steel
building with unreinforced masonry infill walls based on deformation criteria. This study
was carried out in response to observations of building damage during strong
earthquakes, which indicated that unreinforced masonry infill walls have a negative effect
on the seismic performance of structures. The authors note that a lack of ductility is the
foremost weakness of infilled frame systems. The results of the study, however,
indicated that the steel building did not need to be reinforced or retrofitted. In this case,
the added stiffness of the infill walls sufficiently limited the building drift and prevented
significant damage in the event of a seismic event by keeping the response close to the
elastic range.
Manos et al. (1998) performed unidirectional shake table tests on a 1:12.5 scale, 7-story,
one-bay reinforced concrete frame with brick infill panels. The infill walls significantly
increased the stiffness of the structure, however, this stiffness quickly degraded with the
onset of diagonal cracking in the infill panels. The infill panels no longer provided lateral
resistance when the simulated earthquake motions reached a high intensity, due to the
brittle failure of the masonry material.
The contribution of the infill walls to the lateral strength and stiffness of building frames
is often ignored by designers, resulting in dangerous and unbalanced configurations.
Examples of these mentioned by Flanagan et al. (1996) include the termination of infill
walls at the first story, which can result in a soft story failure, as well as partial height
infill walls, which lead to short column failures. Fardis and Calvi (1995) note that soft
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story failures often develop in structures with irregular placement of infill walls but may
also occur in buildings with regular placement of the infill panels when damage to the
infill walls is concentrated at a single story. According to Chiou et al. (1999) partial
height masonry infill walls lead to severe shear failure of the columns.
In addition to decreasing the natural period of a building and increasing the seismic
demand, the presence of infill walls may result in large torsional forces. Drysdale et al.
(1993) report that the stiffening effect of infill walls can greatly affect the distribution of
lateral loads within a building, resulting in much higher forces on the infill walls than
might be expected by designers. This can lead to severe damage to the infill walls as well
as overstressing of the building frame elements. According to Paulay and Priestley
(1992), the additional seismic forces experienced by infilled frames due to the increase in
stiffness are transferred primarily by shear stresses in the panels. In the past, poor design
of infill walls has led to shear failure of the panels resulting in the shedding of masonry
materials into the streets.
The degree of composite action between masonry infill walls and bounding frames
depends on several factors including the magnitude of lateral loads, strength of the bond
or anchorage between the infill walls and frame, and relative stiffness of the infill walls
and frame (Drysdale et al. 1993). Strong infill walls can lead to shear failure of the
building columns by limiting deflection and preventing the formation of plastic hinges.
Although strong infill walls greatly increase the initial lateral stiffness of flexible frames,
the combination of a weak frame and strong infill can lead to an undesirable, brittle
failure mode due to the reduced ductility of the system.
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Meharbi and Shing (1999) observed brittle shear failures in the columns of reinforced
concrete moment frame specimens with a weak frame and strong masonry infill wall
combination. In these tests, monotonically increasing and cyclic in-plane lateral loads
were applied to single-bay, single-story, one-half-scale specimens which represented the
bottom, interior bay of a six-story, three-bay prototype frame. The authors note that the
presence of masonry infill walls can improve the ductility and hysteretic energy
dissipation characteristics of reinforced concrete frames, however, infills in slender multistory frames can dangerously alter the ductility of the structural system. Designers and
researchers alike have recognized the need to study the interaction of masonry infill walls
with concrete and steel frames in order to characterize the response of infill frames and
determine suitable methods for the design of these structures.

2.3 Strength of Masonry Materials
The behavior of infilled frames is strongly dependent on the type of masonry used in the
construction of the infill panels. The material properties of the masonry as well as the
quality of workmanship and curing length and conditions all significantly influence the
strength and performance of the infill walls. Much research has been performed in order
to evaluate the strength and behavior of various masonry materials including brick,
concrete masonry units, hollow clay tiles, and autoclaved aerated concrete.
Moore (1986) presents a summary of research performed in the U.K. on the resistance of
masonry walls to lateral loads. The paper discusses various masonry materials including
brick, concrete block, and autoclaved aerated concrete. West et al. (1986) report on
extensive testing performed to determine the effect of various parameters on the strength
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of brick and concrete block wallet specimens. Tests on AAC specimens were also
performed but reported on in a companion paper.
The following general conclusions were made regarding the strength of masonry
materials. The moisture content of clay bricks at the time of construction is important.
The use of completely dry bricks during construction results in low strength values. The
quality of workmanship greatly influences the strength of brickwork. The type of sand
used in the mortar mix can influence the strength of the masonry. A very fine sand
grading will result in lower strength. In general, lime mortar mixes result in higher
strength compared to masonry cement or plasticized mixes. The strength of masonry
tends to increase with age.
Haseltine and Tutt (1986) also discuss the in-plane, lateral strength of masonry. The
authors found that the lateral strength of masonry materials is largely dependent on the
strength of the bond between the mortar and masonry units. They note that laterally
loaded masonry materials are orthotropic and exhibit different properties in orthogonal
directions. Purely elastic models are not sufficient for modeling the behavior of masonry
materials. According to the authors, finite element analysis is a promising technique for
closing the gap between experimental results and theory.
Magenes and Calvi (1997) discuss the seismic performance of brick masonry walls.
They note that seismically induced damage observed in unreinforced masonry structures
often includes both in-plane and out-of-plain failures of the masonry material. Axial
loads, boundary conditions, and loading rates all influence the behavior of masonry. The
response of masonry materials is difficult to predict since they exhibit non-homogenous,
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composite properties. In this study, experimental testing and finite element modeling
were used to study the in-plane response of masonry walls. Results indicated the
response of the brick masonry walls became nonlinear at low levels of load due to tensile
cracking. As the cracking and damage to the masonry material increased, strength and
stiffness degradations were observed. According to the authors, several possible failure
mechanisms should be considered in determining the in-plane strength of masonry walls.
Alcocer and Zepeda (1999) studied the performance of unreinforced and reinforced, clay
brick walls subject to in-plane, static racking tests. The specimens were confined at the
top with a horizontal bond beam which applied a constant downward vertical load. The
sides of the full scale wall specimens were not confined. Increasing lateral displacements
were imposed on the specimens with two cycles for each level of displacement. The
dominant failure mode observed was the formation of large diagonal cracks in both
directions, producing an X crack pattern across the masonry panels. The lateral load
carrying capacity of the walls was greatly diminished after the formation of these cracks.
During this study, more uniform cracking patterns were observed in the specimens with
horizontal reinforcement. The strength of the masonry wall specimens was strongly
influenced by the diagonal tensile strength of the masonry; the amount, placement, and
detailing of reinforcement; the level of vertical load applied at the top of the wall, and the
type and amount of confinement. Energy dissipation occurred in the masonry wall
specimens through cracking of the masonry, friction along the cracks during sliding, and
the inelastic behavior of the reinforcement. In general, it was found that unreinforced,
unconfined masonry walls are not reliable structural elements for resisting seismic loads.
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Zilch et al. (2002) performed similar tests on clay brick and concrete block, full scale
wall specimens with constant vertical loads. In this study, pseudodynamic lateral loads
were applied to the masonry walls. The behavior and cracking patterns observed in these
tests were similar to those seen by Alcocer and Zepeda (1998).
Flanagan and Bennett (1999) studied the in-plane behavior of structural clay tile infill
walls in steel, single-bay, single-story, pin-jointed bounding frames. The full scale infill
panels were constructed with type N mortar and structural clay tiles with the cores in the
horizontal orientation (side construction). Compressive tests were performed on clay tile
prisms with the cores in the horizontal and vertical positions. The prism specimens with
the cores perpendicular to the compressive force exhibited linear behavior up to a sudden,
brittle failure point. The specimens with the cores parallel to the direction of the load had
a more gradual failure mode with significant post peak strength.
During these tests, the infilled frames were subject to cyclic, static loading applied at the
top of the steel frame using a servo-hydraulic loading apparatus. The three limit states, or
stages of behavior, observed in the clay tile tests were diagonal cracking of the panel; tile
failure caused by the splitting of the internal webs and face shells; and corner crushing,
which corresponded to the peak failure load. A significant loss of stiffness coinciding
with the formation of the initial diagonal cracks was observed. The authors found that for
structural clay tile masonry, cracking in the masonry material correlates more closely
with actual displacement than with the drift, where drift is defined as the displacement
divided by the panel story height. Localized tile failure seemed to take place at around
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70% of the ultimate load of the panel. The peak capacity of each test specimen was
controlled by the corner crushing limit state.

2.4 Early Testing of Masonry Infilled Frames
Several papers were published in the 1950’s and early 1960’s presenting empirical data
and results from laboratory tests of masonry infilled frames performed by researchers in
the U.K., U.S.S.R., and U.S.A. Thomas (1953) reported on tests of single-story, singlebay concrete encased steel frames infilled with brick masonry walls. The in-plane
capacity of the walls was tested under static racking loads. The results of the racking
tests indicated masonry infill walls greatly increase the in-plane stiffness and strength of
structural frames. One of the infilled frame specimens sustained a maximum racking
load that was two times greater than that of an identical frame without infill walls. Wood
(1958) also found that masonry infill walls increased the strength and stiffness of frames
subject to racking loads. In this study, the presence of a brick infill panel in a single-bay,
single-story concrete encased steel frame greatly increased the strength and stiffness of
the frame but reduced the overall ductility.
Similar tests were performed at Stanford University by Benjamin and Williams (1958).
Single-bay, single-story concrete and steel bounding frames infilled with brick wall
panels were constructed at various scale factors ranging from quarter-scale to full-scale
and subjected to static pushover tests. The authors found that the frame scale factor and
size of the bricks had little impact on the ultimate capacity of the infilled frames. Frames
with varying aspect ratios were also tested. The results of these tests indicated that the
length to height ratio of the panels has a large influence on the ultimate strength and

23
stiffness of the frames. The quality of workmanship also had a significant effect on the
behavior of the walls.
During these tests, the initial failure mode of the infilled frames was characterized by
flexural cracking in the masonry at the lower corner of the tension column followed by
cracking at the upper corner of the compression column. At this stage, the infill panel
began to separate from the frame except at the upper loaded corner and lower corner of
the compression column. These initial cracks had little effect on the stiffness of the panel
and frame assembly. The ultimate failure mechanism was a sudden diagonal crack
through the compression diagonal of the masonry infill panel. A dramatic drop in
stiffness occurred with the formation of the diagonal crack and further resistance of the
panel was attributable to wedging action and friction.
Polyakov (1963) reported on extensive research performed at the TsNIPS (Central
Scientific Research Institute for Industrial Structures) in the Soviet Union during the
1950’s. In this paper, the behavior of masonry infilled, single-bay, single-story steel
frames subjected to static racking loads was described in three separate stages. Initially,
the wall and frame behaved monolithically as a very stiff anisotropic beam-wall, or deep
beam. As the racking load increased, periphery cracks occurred along the boundary
between the masonry panel and frame, marking the transition to the second stage.
The specimen behavior in the second stage was characterized by the distortion of the
masonry panel with the shortening of the compression diagonal across the masonry panel
connecting the loaded corners, and the elongation of the tensile diagonal connecting the
unloaded corners. Only 20-30% of the perimeter area of the infill panel remained in
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contact with the frame during this stage. The transition from the second to the third stage
of behavior was marked by the abrupt formation of a diagonal shear crack in the
masonry, through the compression diagonal. This was accompanied by a simultaneous
drop in stiffness.
As the load increased during the third stage of behavior, the diagonal crack widened, and
in some cases additional diagonal cracks formed on either side of the initial crack. The
stiffness of the frame decreased significantly during this stage. The masonry panel was
severely damaged by this point, although the frame continued to carry additional load up
to the ultimate capacity, due to friction and the confining action of the frame.

2.5 Out-of-Plane Behavior of Infilled Frames
Several researchers have studied the behavior of masonry infill walls subject to out-ofplane lateral loads. Thomas (1953) applied uniform, out-of-plane loads to brick infill
panels bounded by a single-bay, single-story concrete encased steel frame. In these tests
the infill walls were built tight against the bounding frame. The load was applied at 16
points across the surface of the walls using 4 hydraulic jacks and a steel joist system with
timber pads to distribute the load and avoid localized failure of the masonry material.
As the out-of-plane load was applied to the test specimens, cracking occurred in the brick
infill panels. Following the onset of cracking, the walls were able to sustain a
considerable increase in load corresponding to significant out-of-plane wall deflections.
The failure mechanisms observed during these tests were a combination of bond and
shear failure between the wall and the top and bottom beams of the bounding frame as
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well as vertical cracks at the center of the wall. Although the tensile strength of the brick
wall panels was fairly small, the specimens were able to resist considerable out-of-plane
lateral forces due to the containment of the bounding frame. A wall specimen tested with
a gap between the top and sides of the wall panel sustained significantly less load.
Flanagan and Bennett (1993) conducted out-of-plane cyclic tests on structural clay tile
infill walls. An air bag was used to apply incrementally increasing cyclic loads to the
wall panels that were built tight against the single-bay, single-story steel bounding frame.
The wall panels were constructed using type N mortar with the clay tile cores placed in
the horizontal orientation. Cracking in the mortar was observed in the early stages of the
static load-unload cycles. The panel continued to develop increasing lateral load
resistance through vertical arching action, until the ultimate load capacity was reached.
In the final stage of behavior, a horizontal arching mechanism was observed with the
formation of diagonal cracks in the masonry panel. The hollow clay tile infill panels had
significant capacity after the formation of the initial cracks due to the development of
arching action that prevented slip and overturning of the panels. The final failure
mechanism was a combination of compression and shear failure.
Hill (1996) measured the out-of-plane capacities of unreinforced, unanchored brick and
hollow clay tile infill walls in two existing reinforced concrete buildings. Cyclic, static
loads were applied to three brick infill wall specimens and one clay tile wall panel using
hydraulic jacks operated by a hand pump. The load was increased until failure of the
wall panels was achieved. The panel test specimens included both vertical and horizontal
one-way span conditions. During the high magnitude load cycles, strong arching action
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was observed in the vertical spanning brick wall specimen corresponding to large out-ofplane deflections. The failure mechanism for the hollow clay tile wall panel was
localized punching shear rather then flexure. Each of the wall panel test specimens
exhibited high resistance to out-of-plane loading due to the development of arching
action. Arching action was particularly strong in the vertical spanning brick wall panel.
According to Flanagan et al. (1996) few out-of-plane infill wall failures caused by
seismic events have been observed. In general, masonry infill panels have significant
out-of-plane resistance to seismic loads due to arching action and the confinement of the
bounding frame. In the case of infill walls constructed with gaps between the panel and
surrounding frame, however, this is not the case. Severe damage can occur to masonry
infill walls subjected to out-of-plane loads where proper confinement is not provided by
the bounding frame; preventing the development of arching action. According to the
authors, the height to thickness ratio of the infill panel is an important parameter for
determining the available strength of the panel in arching action. The out-of-plane
capacity of masonry infill walls is also influenced by in-plane damage in the panel. Inplane damage to infill panels caused by seismic excitation can lead to out-of-plane
failure.
Doherty et al. (2002) present a simplified, displacement-based procedure for determining
the out-of-plane resistance of brick masonry walls to seismic loads. This approach is
based on the observation that unreinforced masonry walls subject to dynamic loads have
a reserve capacity and can withstand accelerations that are greater than those predicted
using quasi-static methods. The non-linear, force-displacement behavior of unreinforced
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brick masonry wall panels is predicted using a trilinear relationship based on the effective
secant stiffness. The authors found that this displacement based analysis yielded more
realistic predictions of the behavior of unreinforced masonry walls under high-frequency
dynamic excitations than a more traditional quasi-static, force based approach.

2.6 In-Plane Behavior and Failure Mechanisms
Observations of laboratory experiments and actual building performance indicate that the
in-plane lateral strength of infilled frames is strongly dependent on the type of failure
mode that occurs in the infill panels. Shing and Mehrabi (2002) tested half-scale, singlebay, single-story reinforced concrete frames with hollow and solid concrete block infill
panels. Hydraulic actuators were used to apply monotonically increasing, static, cyclic
loads to the test specimens. The results of the study indicate that the relative stiffness of
the bounding frame and infill panels and the degree of interaction between these elements
have a large influence on the type of failure mechanism that will take place. Al-Chaar et
al. (2002) report that the mode of failure is determined in part by the compressive and
shear strength of the infill material as well as the aspect ratio of the panels.
Paulay and Priestley (1992) identified several of the predominant failure modes observed
in masonry infilled frames. These include tension failure of the tension column as a
result of the applied overturning moments, sliding shear failure of the masonry infill
panel along a horizontal mortar joint normally at mid-height of the panel, diagonal tensile
cracking of the panel, compression failure of the diagonal strut, corner crushing of the
masonry panel, and flexural or shear failure of the columns. The flexural failure mode,
which involves tensile yielding of the steel in the tensile column, is usually not the
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limiting mechanism except for tall slender frames. Sliding shear failure of the horizontal
mortar joint near the mid-height of the masonry panel is dependent on the bond strength
of the mortar and leads to undesirable, short-column behavior. After the formation of a
sliding shear crack, the equivalent structural system changes from a pin-jointed frame
with a diagonal compression strut, to a knee-braced frame which forces the development
of plastic hinges at the mid-height and top or bottom of the columns.
Shing and Mehrabi (2002) recognize an additional failure mode which is characterized by
the sliding of multiple bed joints of the infill panel. This type of failure results in a more
ductile mechanism for the infilled frame. Diagonal tensile cracking and corner crushing
mechanisms were observed by Dawe and Seah (1989) on several tests performed on
masonry infilled steel frames subjected to in-plane, horizontal loads applied at the top of
the frames. This study included tests on both moment-resistant and pinned, single-bay,
single-story steel frames with hollow concrete block masonry infill panels. In cyclic
racking tests performed on single-bay, single-story steel moment frames with brick infill
panels, Moghaddam (2004) confirmed shear cracking and corner crushing as
predominant failure modes. Secondary infilled frame failure modes discussed by the
authors include shear failure of concrete columns and joint failure in concrete and steel
columns.
In general, failure of masonry infilled frames occurs as the result of a combination of the
mechanisms discussed above. Flexural or shear failure of the columns typically occurs
following the development of a sliding shear mechanism, while corner crushing of the
diagonal compression strut takes place after the formation of diagonal cracks. An
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illustration of the predominant infill frame failure modes discussed by Shing and Mehrabi
(2002) is given in Figure 2.1. Figure 2.2 shows the potential shear sliding surfaces
observed by Moghaddam (2004).

Figure 2.1: Infill wall failure mechanisms (Shing and Mehrabi 2002).
(“Behavior and analysis of masonry-infilled frames”, Copyright John Wiley and Sons Limited,
Reproduced with permission)

Figure 2.2: Potential shear sliding surfaces in infill panels (Moghaddam 2004).
(Reproduced with permission from ASCE)
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2.7 Infill Walls with Openings
The effect of openings in masonry infill panels on the performance and in-plane strength
of infilled frames has been studied by various researchers. Thomas (1952), Benjamin and
Williams (1958), and Polyakov (1960) all studied the behavior of brick infill walls with
openings subject to racking loads. In general, they found that openings in brick infill
panels reduce the in-plane strength of the infilled frames by nearly 50%. This reduced
strength was still significantly larger than that of the bare frames that were tested without
infill panels.
Dawe and Seah (1989) tested the in-plane strength of 28 full-scale, steel frame specimens
with concrete block infill walls. In this study, the effects of several parameters on the
behavior of the walls were considered, including the existence and location of large
openings in the infill panels. Both moment and pinned frame configurations were
considered. The authors found that the wall openings reduced the load corresponding to
the initial onset of major cracking, but the ultimate load carrying capacity of the infilled
frames was not as significantly affected. Openings that were located closer to the point
of application of the lateral loads resulted in a greater reduction of in-plane strength.
According to the authors, the best location for door openings is at the center of infill
panels, due to the possibility of load reversals.
Schneider et al. (1998) suggest that infill walls in buildings typically have large window
or door openings. The authors developed an experimental program to test the
performance of steel moment frames with unreinforced brick infill walls having large
openings. Two hydraulic actuators were used to impose a predetermined cyclic
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deformation history to the tests specimens. Continuous degradation of the effective
stiffness of the infill frame assembly was observed during the imposed deformations.
Greater ductility was observed in the specimens with narrower masonry piers, which
corresponded to larger window openings.
Gostic and Zarnic (1999) studied the effect of openings on masonry infilled, reinforced
concrete frames. The quarter-scale, two-bay, two-story frames were subject to cyclic inplane loading. The authors found that the test specimen with openings had 45% lower
strength and 50% lower stiffness compared to the specimen without openings. Large
ductility was observed in both types of specimens.
Asteris (2003) studied the influence of the size and position of openings in infill walls on
the seismic response of masonry infilled frames. The analysis was performed using a
finite element model with four-node, isoparametric rectangular finite elements having 8
degrees of freedom. Criteria were developed for masonry failure under biaxial stress as
well as separation of the masonry panel from the surrounding frame. The parameters
considered in the study included the presence of openings, the size of the openings, and
the location of the openings within the masonry wall panel. The author found that larger
openings correspond to a greater reduction in panel stiffness. A larger reduction in
stiffness was observed when the wall opening was located across the compression
diagonal connecting the upper loaded corner to the lower compression corner.
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2.8 Dynamic Testing Methods
Historically, much of the testing and analysis of masonry infill walls has been performed
using static pushover techniques. According to Krawinkler and Seneviratna (1998) static
pushover tests are useful tools for evaluating the seismic capacity of some structural
systems. These authors note that a pushover analysis provides useful data concerning the
global and local response of structures in which the fundamental mode dominates the
vibration behavior. This method, however, does not provide good estimates for
structures where higher mode shapes have a strong influence, such as tall buildings. The
pushover analysis is useful for identifying the initial local mechanism in a structure, but
cannot accurately predict the additional mechanisms and behavior that arise due to the
change in dynamic characteristics that occurs after the formation of the initial mechanism
(Krawinkler and Seneviratna 1998).
Dynamic testing methods have been developed to address this limitation of the pushover
analysis technique. These techniques are very useful for evaluating the seismic behavior
of structures. Negro and Magonette (1998) discuss several dynamic testing methods
including free vibration, monitoring of ambient vibrations, harmonic excitation, shake
table tests, quasi-static cyclic tests, and pseudo dynamic testing. The discussion that
follows is based on the information provided by these authors.
Free vibration analysis was one of the first dynamic testing methods developed, and is
relatively simple to implement. The structure being tested is set into motion using an
initial deformation or calibrated impact. The structure is then allowed to vibrate freely in
response to the initial excitation. This technique can be used to measure the vibration
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frequencies and damping coefficients of the structure. The motion induced in structures
by this type of testing, however, is not a good representation of the structures response to
severe dynamic loads such as earthquakes.
Ambient vibration monitoring is another dynamic testing method which is not as useful
for earthquake engineering. In this method, the dynamic properties of a structure are
determined by measuring the response of the structure to motions induced by wind,
traffic, machinery, and other ambient sources. In general, the motions induced by these
types of vibrations are not strong enough to simulate the dynamic response of the
structure to an actual earthquake, unless of course an earthquake happens to take place
while the monitoring is taking place.
Harmonic excitation tests are performed using a vibration generator to induce harmonic
motion in the structure being studied. This technique is effective for determining the insitu, dynamic properties of structures such as vibration frequencies, mode shapes,
response spectra, and damping properties. These tests, however, generally do not provide
useful information regarding the response of the structure outside of the elastic range of
behavior.
Shaking tables are used to reproduce realistic ground motions correlating to specific,
historical earthquakes. A major advantage of shake table testing is that it is performed in
a laboratory setting. The drawback to this method is the expense of the equipment. In
addition, most shake table facilities are not large enough to accommodate full-scale test
specimens. In many cases, scaling techniques are used which can introduce some error
into the process.
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Quasi-static, or cyclic, tests are performed by imposing a predefined displacement or
force history on a test specimen. The load is applied at a relatively slow rate compared to
other dynamic testing techniques. The advantage of this method is that it is simple and
relatively inexpensive to perform. The difficulty lies in developing a displacement or
load history that reasonably approximates the behavior of the structure under actual
dynamic loads.
Pseudodynamic testing is a hybrid technique that uses real-time computer simulation to
create realistic dynamic loading histories by applying quasi-static loads. The slower rate
of loading used in quasi-static tests simplifies the loading mechanism, however, it does
not accurately represent the inertial forces that a structure experiences during a real
earthquake. Negro and Magonette (1998) determined that this strain-rate effect has very
little influence in the range of frequencies of interest for dynamic testing of infilled
panels.

2.9 Dynamic Testing and Response of Masonry Structures
Researchers have used various dynamic testing techniques to analyze the seismic
performance of masonry infilled frames. Mallick and Severn (1968) studied the effect of
shear connections between infill panels and bounding frames by applying half-cyclic,
increasing, quasi-static loads in one direction to single-story, two-bay infilled frames.
The composite damping properties of the infilled frames were determined by measuring
the energy loss due to damping and the slip along the infill panel and boundary frame
interface. The infilled frame specimens with shear connectors had increased stiffness, but
dissipated less energy since slip between the infill panel and frame was prevented.
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Harmonic excitation tests were also performed in order to determine the natural
frequency, mode shape, and damping properties of the frames. The damping values
obtained using static methods were much greater than those observed during the forced
vibration tests.
Bertero and Brokken (1983) tested 18, 1/3-scale, three story, single-bay, reinforced
concrete frames infilled with various masonry materials including hollow clay tiles,
concrete masonry units, clay brick, and lightweight concrete panels in a series of quasistatic cyclic and monotonic tests. The infill panels increased the strength and stiffness of
the frames and decreased the period of vibration. As noted by the authors, a decrease in
the natural period results in an increase in inertial forces during seismic activity.
According to Bertero and Brokken (1983), the increase in strength due to the stiffening
effect of the infill panels, is generally greater than the increase in demand caused by the
greater inertial forces. In these tests, poor performance was observed in the unreinforced
infill panels past the elastic range of behavior. The authors note that as soon as the
maximum strength of the masonry material is reached, unreinforced masonry infill panels
can shatter and shed debris. Therefore, the use of unreinforced masonry panels is not
advised if the demand is expected to exceed the elastic range of behavior.
Dawe et al. (1989) studied the dynamic response of steel moment frames with solid brick
infill walls. Dynamic loads were applied to the specimens using a shake table to induce
unidirectional, sinusoidal motion to the frames. Cracking patterns were recorded at each
level of load intensity. The relative displacements between the shake table and specimen
were measured using linear variable differential transformers. As part of this study, an
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analysis was performed using three different theoretical models. These included an
idealized, single-degree-of-freedom (SDOF) model, an adaptation of the diagonal
compression strut model introduced by Stafford-Smith and Carter (1969), and a braced
frame model similar to the compression strut model except that the frame connections are
rigid instead of pinned. The simple, SDOF model showed the best correlation with the
data from the tests. Here, the shear stiffness of the system is equivalent to the sum of the
infill panel shear stiffness and the column shear stiffness. The lumped mass for this
model was a combination of the concentrated mass applied at the upper corners of the
frame specimens to represent the weight of the supported floor, and 1/2 of the frame and
masonry wall panel mass.
Manos et al. (1993a) studied the response of a 1:7.32-scale, two-bay, reinforced concrete
infilled frame to dynamic excitations. The experimental program included low amplitude
impulse tests as well as simulated, unidirectional earthquake motions using a shake table.
The presence of the brick infill panels had a direct effect on the modal frequency of the
structure, which could result in a significant change in the inertial loads experienced by
the structure during an actual earthquake. According to the authors, treating the infill
panels as nonstructural elements could result in either a conservative or unconservative
design.
Manos et al (1993b) performed pseudodynamic cyclic tests on several 1/9-scale, one-bay,
one-story reinforced concrete specimens with brick infills. Two cycles were performed
at each increasing level of horizontal displacement. A 1/3-scale specimen was also tested
to determine the adequacy of the 1/9-scale tests in predicting the cyclic response of larger
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scale models. The smaller scale specimens had satisfactory correlation with the overall
behavior of the larger scale model.
Negro and Verzeletti (1996) performed pseudo-dynamic tests on a full-scale, four-story
reinforced concrete structure. The test frame was 13.3 m high, 10 m long and 10 m wide,
with three bents in each direction, each with two bays. Load was applied to the structure
using two, double acting hydraulic actuators. The pseudodynamic load history was
derived from the 1976 Friuli earthquake with an equivalent peak ground acceleration of
0.45g.
In the initial test, pseudo-dynamic loads were applied to the bare frame test structure
without infill walls. During this test, no damage was observed in the bare frame
structure. Following this test, the three structural bents parallel to the direction of the
applied load were infilled with hollow masonry block walls at each story level. The
pseudo-dynamic loading protocol was repeated, resulting in the total destruction of the
masonry infill walls at the first two story levels. The maximum displacement measured
during this test was less than two-fifths of the displacement observed in the bare frame
test. The maximum base shear, however, increased by close to 50 percent.
Following this test, the masonry infill panels were demolished and replaced with new
walls at the second and third story levels. Infill panels were not put at the first story level
to simulate a soft story mechanism. A third test was performed using this frame
configuration. The results of this test showed a concentration of drift at the first story,
resulting in a ductility demand at this level that was much greater than for the bare frame
test structure.
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According to the authors, a large portion of the energy dissipation occurred in the first
and second stories during the bare frame test. In the test with infill panels at all levels,
the third story contributed even less to the total energy dissipation of the system. Almost
all of the energy dissipation occurred in the first story during the test of the soft-story
specimen. The authors observed that infill panels in frame buildings greatly alter the
response of the structure to dynamic loads. For structures with a regular infill panel
pattern, little energy dissipation occurs in the frame members, however, for irregular
infill patterns, the frame may be required to dissipate a large amount of energy, which
may result in structural damage.
According to Negro and Colombo (1997), unacceptably high ductility demands in the
frame may occur in structures with irregular infill patterns. For this reason, the effect of
non-structural infill panels should not be neglected during the design of the structure.
Fardis and Calvi (1995) note that the increase in strength and energy dissipation
capability due to the presence of infill walls may or may not balance out the negative
effects of the infill including increased inertial forces and irregular load distribution.
Tomazevic and Lutman (1996) tested a total of 32 identical, unbounded, reinforced
masonry wall specimens by using a racking frame to apply monotonic, static cyclic and
dynamic loading protocols. They observed that the shape and parameters of the
hysteretic curves are influenced by both the level of load imposed and the displacement
time history. The hysteretic behavior obtained from the static racking tests varied
significantly with the results of both the static cyclic and dynamic testing.
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In comparing the static cyclic and dynamic results, the authors observed that the
dynamically loaded walls showed higher initial stiffness and slightly higher values of
lateral resistance. In general, for the static cyclic and dynamic tests with the same
loading history, good correlation was found in comparing the hysteretic curves
normalized in regard to the maximum load values.
Tomazevic and Klemenc (1997) studied the performance of typical confined masonry
construction using a unidirectional shake table to induce dynamic loads on two test
specimens built at a 1:5-scale. The shake table load history was based on the Montenegro
earthquake of April 15, 1979. Both test specimens showed similar results with sliding
shear failure being the ultimate collapse mechanism. Diagonal cracking was observed in
the masonry panels as well as horizontal cracks through the mortar joints. Soft-story
failure mechanisms were observed, when almost all of the walls in the first story
disintegrated as shown in Figure 2.3.
The first mode response was the predominant vibration mode shape observed during the
testing sequence. Based on these tests, the authors recommend using displacementcontrolled pushover tests with a simulated first mode, triangular shaped load application
to simulate a dynamic structural response using static testing.
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Figure 2.3: Shake table tests (Tomazevic and Klemenc 1997).
(“Verification of seismic resistance of confined masonry buildings”, Copyright John Wiley
and Sons Limited, Reproduced with permission.)

Bruneau and Paquette (2002) performed pseudodynamic tests on a full-scale, one-story
brick masonry wall with a wood diaphragm. The pseudodynamic method was also used
by Mosalam et al. (1998) in testing a two-story, two-bay steel frame with unreinforced,
concrete block masonry infill walls. In this study, on-line, servo-controlled hydraulic
actuators were used to impose static displacements at each story level to simulate realistic
earthquake excitation. During the tests, stepped diagonal cracks were formed in the
masonry infill walls connecting the two opposite loaded corners of the panels. When the
load was reversed, these diagonal cracks closed and similar cracks were formed or
reopened along the opposite loaded diagonal. Large energy dissipation occurred at the
onset of cracking. According to the authors, off-diagonal equivalent struts should be
used to accurately model the effect of infill panels on the lateral load distribution to frame
members. The authors also suggest an “equivalent truss” model to simulate the
compression and tension stress fields in the masonry infill panels.
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Mosalam et al. (1997a) tested single-story, one-bay and two-bay, quarter-scale steel
unreinforced masonry infilled frames with semi-rigid connections using quasi-static,
displacement-controlled loading. Sets of three cycles at each displacement level were
applied. Figure 2.4 shows the loading histories used for these tests. Gostic and Zarnic
(1999) also performed cyclic tests on masonry infilled frames. Two-bay, two-story, 1/4scale concrete frame specimens with masonry infill panels were tested to failure using
displacement controlled, lateral loads applied at each floor level. An inverted triangular
load shape was used to simulate a first mode response, and displacements were applied in
sets of three cycles with increasing lateral displacement until failure.

Figure 2.4: Load histories used by Mosalam et al. (1997a) to determine static
response of infilled frames by quasi-static experimentation.
(Reproduced with permission from ASCE)

42
Elgawady et al. (2004) performed dynamic and static, cyclic tests on half-scale,
unreinforced masonry walls constructed of hollow clay tile blocks. Dynamic tests were
performed with a shake table. Static, cyclic tests were performed using hydraulic jacks
attached to the top of the wall specimens at either side to apply the load history shown in
Figure 2.5. Initially the load was applied using force control. Following the onset of
cracking, displacement controlled loads were used. The results indicated that the testing
method had little effect on the initial stiffness of the specimens. The failure mode and
behavior of the specimens were similar regardless of the testing method.

Figure 2.5: Load history used by Elgawady et al. (2004).
(Reproduced with permission from CAEE)

2.10 Load Histories for Quasi-Static Cyclic Loading
Past research has shown that quasi-static cyclic loading is an appropriate dynamic testing
method for studying the response of masonry infilled frames. Several researchers have
used quasi-static loading histories for testing the in-plane response of masonry infill
panels and have found that the rate of the load application has little effect on the outcome
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or behavior of the infilled frames (Negro and Magonette 1998). As noted by Mosalam et
al. (1997b), determination of an appropriate cyclic loading history is imperative for the
success and usefulness of the data obtained from a quasi-static test.
He et al. (1998) present three types of cyclic loading histories used in their quasi-static inplane tests of wood-based shear walls. The authors propose a new loading history that
produces a more realistic failure mode in the shear walls than the other two methods that
were used in the tests. Timler et al. (1998) used quasi-static loading to test the seismic
response of steel plate shear walls using a 2/3-scale, four-story, single-bay test frame
specimen. Lubell et al. (2000) also used quasi-static, displacement controlled loading in
their tests of unstiffened, steel plate shear walls. A generalized load history was chosen
based on the standardized test protocol given in ATC-24, Krawinkler (1992).
Voon and Ingham (2006) present a cyclic loading history that was used for testing
reinforced concrete masonry shear walls. In this study, two cycles were completed at
each load step before increasing to the next amplitude of displacement. Zawilinski
(1994) tested infilled frames using a quasi-static loading history. For these tests, three
cycles were performed at each level of displacement. Gergely et al. (1993) discuss the
use of quasi-static load histories for testing masonry infilled frames. These authors
present a cyclic loading history comprised of sets of three cycles at each displacement
level, with the magnitude of the displacement increasing from one group to the next.
White (1995) discusses several important issues regarding the choice of an appropriate
loading history for cyclic tests. These parameters include the magnitude of loading or
deformation in the initial load cycle, the relative increment of loading or displacement
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between sets of cycles, and the number of individual cycles for a given deformation level,
typically 2 or 3.
Krawinkler (1996) discusses the importance of developing a generic loading history for
quasi-static testing so that the results of one test can be compared to another. The
concept of a generic loading history is presented in ATC-24, Krawinkler (1992). A
generalized loading history is a compromise with the goal of measuring important
performance characteristics that are common to all of the tested specimens.
The idea for a generalized loading history is based on the cumulative damage concept.
The generic deformation history for multiple step tests suggested by Krawinkler (1992) is
shown in Figure 2.10. This type of cyclic test is simple to run using deformation control,
allows for the evaluation of the important response parameters, and results in essentially
symmetric load cycles. Important parameters to define for the multiple step loading
history, shown in Figure 2.6, are the number of individual cycles in each load step, the
yield value of the deformation control parameter (δy), and the increment in peak
deformation (Δ). It is recommended that the increment in peak deformation be equal to
the value of δy, as long as the deformation control parameter is a direct measure of the
story displacement.
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Figure 2.6: Load history for a multiple step test (Krawinkler 1992).
(Reproduced with permission from ATC)

2.11 Analytical Models for Predicting the In-Plane Behavior of Infilled Frames
Researchers have developed several analytical methods for determining the strength and
stiffness of masonry infilled frames. These models are based on empirical data as well as
theoretical expressions derived from the theory of elasticity and strength of materials.
Researchers have used data from experimental testing to validate their analytical models
and determine their appropriateness for use in design.

2.11.1 Benjamin and Williams (1958)
Based on their tests of concrete and steel frames with brick infills, Benjamin and
Williams (1958) developed simplified analytical expressions for the load-deflection
behavior and ultimate in-plane strength of masonry infilled frames. In this study the
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authors concluded only simple mathematical expressions were appropriate due to the
variability in the material properties of masonry and quality of workmanship.
The following equations were presented for determining the linear, in-plane loaddeflection behavior and ultimate capacity of the test specimens:

δ=
P=

1.2bV
atG

220Cat ba
, Pmax = 670Cat
1.5 ba − 1.1C

(2.1)

(2.2)

where δ = wall deflection, V = wall shear, b = clear panel height, a = clear panel length, t
= panel thickness, G = shearing modulus of brick composite ≈ 500,000 psi, P = applied
shear load, and C is an empirical coefficient obtained from masonry couplet tests.

These expressions were developed for the particular type of brick and mortar used in the
tests, confined by a reinforced concrete frame. The analysis is limited to specific wall
panel aspect ratios and is dependent on the quality of workmanship. In general, good
agreement was found between the ultimate loads sustained during the tests and those
calculated using the analytical formulas.

2.11.2 Polyakov (1960), (1963)

Polyakov (1963) proposed a model for predicting the in-plane stiffness of masonry
infilled frames by treating the infilled frame as an equivalent, diagonal compression strut.
Polyakov (1960) studied the validity of the equivalent diagonal strut method for multibay, multi-story infilled frames. In this testing program, a three-story, three-bay steel
frame with brick infill walls was subjected to cyclic racking loads in a single direction.
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Comparison of the experimental results with the behavior predicted by the equivalent
strut model indicated that the interaction between the frame and infill walls could be
accurately modeled by replacing the masonry infill panel with a diagonal compression
strut.

2.11.3 Holmes (1961)

Holmes (1961) developed simple expressions for computing the ultimate strength and
deflection of steel frames with masonry infill walls using an equivalent diagonal strut
model similar to that proposed by Polyakov (1963). Figure 2.7 shows a steel frame and
infill panel assembly subjected to a horizontal shear load, H. The equivalent strut model
used to simplify the analysis of the infilled frame is shown in Figure 2.8. Using this
approach, Holmes developed the following equations for calculating the ultimate load
and horizontal deflection of the infilled frame at failure:
H=

24 EIe' c d
+ Af c cos α
⎛
⎞
I
h 3 ⎜⎜1 + cot α ⎟⎟ cos α
⎝ I0
⎠

(2.3)

d
3

(2.4)

S H = S BD cos α = e' c d cos α

(2.5)

A=t

where H = ultimate strength of the infilled frame, E = Young’s Modulus of steel, I =
moment of inertia of the columns, I0 = moment of inertia of the beams, e’c = strain in the
infill material at the instant of failure, d = length of the diagonal of the frame, h = height
of the frame, t = infill thickness, A = cross sectional area of equivalent strut, f c = stress in
equivalent strut, α is the angle of the diagonal to the horizontal as shown in Figure 2.3,
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Sh = horizontal deflection at failure, and SBD = shortening of equivalent strut BD at

failure.
Holmes (1961) compared the behavior predicted by equations (2.3), (2.4) and (2.5) with
the results of tests performed on infilled frames by himself and other researchers. The
test specimens included steel moment and pin-jointed frames with brick, concrete, and
hollow clay tile infill panels. With the exception of one test performed on a steel frame
with hollow clay tile infill walls, the maximum variation between the experimental and
theoretical failure loads was 14%. In most cases the analytical and empirical results
showed less variation. In general, the deflection of the infilled frames measured during
the experiments, were much greater than the ultimate load deflections predicted by the
theoretical equations.

Figure 2.7: Steel frame with concrete infill panel subject to a horizontal shear load
(Holmes 1961, Reproduced with permission from ICE)
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Figure 2.8: Equivalent diagonal strut model from (Holmes 1961).
(Reproduced with permission from ICE)

2.11.4 Stafford-Smith (1962)

Stafford-Smith (1962) also considered the equivalent diagonal strut model. In this study,
tests were performed on mortar panel specimens subjected to diagonal loading without a
confining frame. Formulas were developed to model the behavior of the mortar panels
using the theory of elasticity. The strains along the compression diagonal of the mortar
panels were measured during the tests and compared to the theoretical values. Good
correlation was found near the center of the panels; however, there were discrepancies
between the measured and theoretical strains at the corners of the panels. A method was
developed to simplify the analysis using the equivalent strut model shown in Figure 2.9.
In this model, the length of the compression strut is equal to the length across the
diagonal of the infill panel and its thickness is the same as that of the infill wall. The
effective width of the compression strut is based on the stiffness of the infill panel and is
influenced by the aspect ratio of the panel.
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Figure 2.9: Equivalent diagonal strut model (Stafford-Smith 1962).
(Reproduced with permission from ASCE)

Three infilled steel frames with varying length-to-height ratios of 1, 1.5, and 2 were
tested in a double-frame configuration to validate the model. The experimental set-up for
each test simulated a pair of single-bay, single-story specimens with a rigid base.
Comparison of the analytical and empirical load-deflection curves showed discrepancies
of up to 16%, where the theoretical prediction of stiffness was higher than the actual
stiffness in each case. Tests were also performed on a two-story test specimen
configuration to validate the theoretical model for multi-story buildings. The theoretical
model also overestimated the stiffness of the multi-story infilled frame, but in general
showed good correlation with the observed behavior of the test specimen.

2.11.5 Stafford-Smith and Carter (1969)

Stafford-Smith and Carter (1969) refined the equivalent strut model presented by
Stafford-Smith (1962). In this model, the effective width of the equivalent diagonal strut
is dependent on several factors including the relative stiffness between the frame and
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infill panel, the aspect ratio of the infill panel, the stress-strain behavior of the infill
material, and the intensity of the diagonal load applied to the frame. According to the
authors, the extent of the contact area between the frame and the masonry panel has a
significant influence on the stiffness of the frame and the effective width of the
equivalent diagonal strut.
Stafford-Smith and Carter (1969) developed the following expressions for determining
the length of the contact, α , between the frame and infill material:

α
h

=

π
2λh

⎡ (E I t sin 2θ ) ⎤
⎥
⎣ 4 EIh' ⎦

λ=4 ⎢

(2.6)

(2.7)

where h = height of the column between the center line of the beams, λh = is a nondimensional parameter expressing the relative stiffness of the frame to the infill, E I =
Young’s modulus of the infill, t = infill thickness, h’ = infill panel height, E = Young’s
Modulus of the column, I = second moment of area of the column, and θ is the angle
between the infill diagonal and horizontal.
For design purposes, the length of contact between the infill panel and frame as well as
the stiffness and strength of the infill wall can be expressed as functions of λh, either
graphically or in algebraic form. The width of the equivalent strut, predominant failure
mode, and strength of the infilled frame are determined based on the λh parameter, using
the design aids presented by Stafford-Smith and Carter (1969). Good correlation was
found between the theoretical and experimental results.
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2.11.6 Liauw and Lee (1977)

Liauw and Lee (1977) developed analytical expressions to predict the behavior of infilled
frames based on tests performed on single-bay, four-story steel frames with concrete
infill panels of varying aspect ratios including 2-1, 2.5-1, and 3-1. Infilled frame
specimens with and without shear connectors between the wall panel and surrounding
frame were tested, as well as bare frames without infill panels. The frames with infill
panels had greater strength and stiffness than the bare frames that were tested. The
degree of interaction between the frames and infill material was dependent on the
interface condition at the boundary of the infill panel and frame. For the specimens
without shear connectors, the infill walls acted as diagonal compression struts. This
behavior was not observed in the infilled frames with shear connectors.
Liauw and Lee used a strain energy method to analyze the behavior of the infilled frames
without shear connectors using an equivalent diagonal strut model. The following
expressions were developed to determine the effective length and height, respectively, of
infill walls with openings:
L1 = B + C1

(2.8)

L2 = H + C 2 ≤ L'2

(2.9)

where B = width of the wall opening, H = height of the wall opening, C1 and C2 =
correction factors for local stress concentrations, and L'2 = distance from bottom of the
wall to the centroidal axis of the beam. The deflection of the infilled frame, Δ, as well as
the stiffness and equivalent cross-sectional area of the diagonal strut can be calculated as
follows:
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(2.10)

k=

EA0
Ld

(2.11)

A0 =

Ld
EΔ

(2.12)

h1
h
cot θ , m2 = 2 tan θ , h1 = depth of beam, θ = angle from horizontal of the
2
2

applied load, h2 = height of the infill wall, E = Young’s modulus of infill, G = shear
modulus of infill, A1 = plane area of infill on one side of the wall opening, A2 = plane area
of infill on the other side of the opening, and Ld = equivalent length of the diagonal strut.
Liauw and Lee also proposed an equivalent frame model for analyzing the behavior of an
infilled frame with shear connectors between the wall panel and frame. In this approach,
a modular ratio of the frame and infill materials is used to transform the frame members
into equivalent sections of infill material. The frame is then analyzed as a moment frame
having the same stiffness as the infilled frame. Large variations were seen between the
ultimate loads of the specimens with shear connectors determined from testing and those
predicted by the theoretical model. For these specimens, the theoretically determined
values of the ultimate load capacity computed using the equivalent frame method resulted
in an average error of around 10%.
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2.11.7 Mehrabi et al. (1996)

Mehrabi et al. (1996) performed cyclic tests on single-bay, single-story reinforced
concrete frames with infill walls constructed of concrete masonry units. The authors
present an analytical method for determining the lateral stiffness of infilled frames based
on the shear-beam concept developed by Fiorato et al. (1970). The following equations
are proposed for determining the lateral stiffness of infilled frames:

Kb =

1
(1 / K sh ) + (1 / K sh )

(2.13)

K sh =

Aw G w
hw

(2.14a)

K ft =

3Ec I
h3

(2.14b)

where K b = infilled frame stiffness, Ksh and Kft = shear and flexural stiffness,
respectively, of a composite cantilever beam consisting of the reinforced concrete
columns and a masonry panel; hw, Aw, and Gw, = height, horizontal cross-sectional area,
and shear modulus, respectively, of the infill material; Ec = modulus of elasticity of the
concrete, h = height of the frame, I = moment of inertia of the equivalent concrete cross
section of the composite beam. According to the authors, this method tends to
overestimate the in-plane lateral stiffness of the infilled frames. More consistent results
were obtained using an equivalent strut model.
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2.11.8 Flanagan and Bennett (2001)

Flanagan and Bennett (2001) present a generalized method for predicting the strength and
stiffness of masonry infill walls. The ultimate strength of infill walls is determined based
on the prevalent failure modes of shear sliding and corner crushing, while the stiffness is
calculated using an equivalent strut approach. This method is proposed for various types
of masonry materials including brick, concrete masonry units, and structural clay tiles,
and is applicable for both steel and reinforced concrete bounding frames. A statistical
analysis was completed using experimental data from tests of infilled frames performed
by several researchers to justify the model for these various parameters.
Using this approach, the ultimate strength of a masonry infill wall, Hult, is taken as the
smaller of the shear sliding strength and the corner crushing capacity. The shear sliding
strength of the infill material is taken from FEMA 273 (FEMA, 1997) and is computed as
follows:
H ult = An f ve
⎛
P ⎞
0.75⎜⎜ 0.75vte + ce ⎟⎟
An ⎠
⎝
f ve =
1.5

(2.15)

(2.16)

where An = net mortared section of the infill, fve = expected shear strength of the masonry,
vte = average bed joint shear strength, and Pce = vertical compressive force on wall.
The authors propose the following formula to determine the corner crushing strength of
the masonry:
H ult = K ult tf ' m

(2.17)
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where Kutl = an empirical constant tabulated by Flanagan and Bennett (2001) for various
types of masonry, t = net thickness of the infill panel, and f’m = prism compressive
strength of the masonry material. To determine the stiffness of the infill wall, an
equivalent strut model is used where the cross section area of the compression strut is
determined from the following formula proposed by Flanagan and Bennett (1999):

A=

(π )t
Cλ cos θ

(2.18)

where C = an empirical constant based on the in-plane displacement of the infill which
indicates the limit state of the masonry, and λ = a relative stiffness parameter from
Stafford-Smith and Carter (1969) as given in Equation (2.7).
Values of C for a variety of masonry materials are presented in Flanagan and Bennet
(2001). With this method, the stiffness of the masonry infill wall is equal to the stiffness
of the equivalent diagonal compression strut with its cross sectional area computed from
Equation (2.18). The advantage of this approach is that the only infill material properties
required for the analysis are the modulus of elasticity of the masonry and the prism
compressive strength, which are relatively easy to obtain or approximate. This is a
general procedure that is applicable for several types of masonry and bounding frames.

2.11.9 Shing and Mehrabi (2002)

Shing and Mehrabi (2002) discuss and compare various analytical methods used for
predicting the behavior and strength of infilled frames. According to the authors, no
single approach can accurately account for all of the possible failure mechanisms
observed in masonry infill walls. For example, the shear beam model developed by
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Fiorato et al. (1970) shows good correlation with test results on infilled frames where the
infill panel is relatively weak compared to the bounding frame. This method, however,
tends to greatly overestimate the stiffness of frames with relatively strong infill materials.
The equivalent diagonal compression strut model has been shown to accurately predict
the strength and behavior of masonry infill walls in some cases; however, in other cases
the stiffness predicted by this method shows poor correlation with experimental results.
According to Shing and Mehrabi, the principal weakness of this model is that it does not
take into account all of the possible of failure mechanism that have been observed in
masonry infill walls subject to in-plane loads. In addition, this model is based on elastic
theory which does not accurately predict the nonlinear behavior associated with the
ultimate capacity of masonry materials.
A limit states approach is an alternative analysis method presented by the authors that
takes into account several of the most predominant failure mechanisms. Using this
method, the ultimate capacity of an infilled frame is determined by computing the lateral
resistance associated with each of the mechanisms illustrated in Figure 2.10. The
mechanism with the least capacity is the controlling failure mode which determines the
ultimate strength of the infilled frame. The authors found that this approach had good
correlation with their experimental results.
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Figure 2.10: Probable infilled frame failure modes (Shing and Mehrabi 2002).
(“Behavior and analysis of masonry-infilled frames”, Copyright John Wiley and Sons
Limited. Reproduced with permission)

The in-plane lateral resistance of each of these failure modes is determined based on the
following:
Mechanism 1: The sum of the shear resistance of the columns and the infill wall
Mechanism 2: The sum of the ultimate shear capacity of the windward column, shear
capacity of the leeward column, and the residual shear resistance along the
horizontal crack in the masonry wall
Mechanism 3: The crushing strength of the masonry material at the corners
corresponding with the formation of plastic hinges in the columns
producing a short column mechanism.
Mechanism 4: The masonry crushing strength at the corners corresponding with plastic
hinge formation at both ends of the columns without the formation of short
columns
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Mechanism 5: Displacement compatibility analysis at the compression corners with the
frame and infill wall considered separately.
Shing and Mehrabi (2002) also present a nonlinear response spectrum analysis based on
the equations of motion for a multiple-degree-of-freedom structure for determining the
earthquake response of infilled frames. First, an equivalent single-degree-of-freedom
system is defined where the ductility of the system is estimated using experimental
results or finite elements analysis. Then a response spectra analysis is performed using
the ductility spectra. For a linear-elastic system, the equation of motion simplifies to the
following expression:
V0 = ω12 L1v1 = kv1

(2.19)

where k = ω12 L1 = elastic stiffness of the equivalent system, V0 = the base shear of the
structure, ω1 = fundamental angular frequency of the structure, v1 = the displacement
response at the first story, and L1 is equivalent to the total mass of the structure. This
approach can also be applied to an inelastic structure using a general V0 - v1 relation for
the structure.

2.11.10 NEHRP (2000) & MSJC (2002)

According to the Masonry Structure Design Requirements contained in the
Recommended Provisions for Seismic Regulations for New Buildings and Other
Structures, published by NEHRP in 2000, the nominal, in-plane shear strength of
reinforced masonry walls, Vn , is computed as follows:
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V n = Vm + V s

⎛
⎛ M
Vm = ⎜⎜ 4.0 − 1.75⎜⎜
⎝ Vd v
⎝

(2.20)

⎞⎞
⎟⎟ ⎟ An
⎟
⎠⎠

f m' + 0.25P

(2.21)

⎛A ⎞
Vs = 0.5⎜ v ⎟ f y d v
⎝ s ⎠

(2.22)

where Vm = masonry shear strength, Vs = reinforcement shear strength, M = unfactored
moment on masonry section, V = unfactored shear on masonry section, d v = length of
wall in the direction of the shear force, An = net cross-sectional area of masonry, f m' =
specified masonry compressive strength, P = unfactored axial load on masonry, Av =
shear reinforcement area, s = reinforcement spacing, and f y = specified yield strength of
reinforcement. In Equation (2.21) the term M Vd v need not be taken greater than 1.0.
These empirical equations were also adopted in the Building Code Requirements and
Specification for Masonry Structures published by the Masonry Standard Joint
Committee in 2002 (MSJC 2002).

2.11.11 MSJC (2008) (TMS 402-08/ACI 530-08/ASCE 5-08)

The building code requirements that govern the design and construction of masonry
structures in the United States are published by the Masonry Standards Joint Committee.
According to the strength design provisions contained in MSJC (2008), the nominal shear
strength for unreinforced masonry, Vn, shall be taken as the smaller value obtained from
the following expressions:
For all types of masonry:

V n ≤ 3.8 An

f m'

(2.23)
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Vn ≤ 300 An

(2.24)

For running bond masonry not solidly grouted:

Vn ≤ 56 An + 0.45 N u

(2.25)

For running bond masonry grouted solid:

Vn ≤ 90 An + 0.45 N u

(2.26)

For all types of masonry:

For stack bond masonry, open end units, grouted solid: Vn ≤ 56 An + 0.45 N u

(2.27)

For stack bond masonry, other than open end units, grouted solid: Vn ≤ 23 An

(2.28)

where Vn = nominal shear strength, An = net cross-sectional shear area, f ' m = specified
masonry compressive strength, N u = factored compressive force acting normal to the
shear surface.
Equations (2.20), (2.21), and (2.22) are also adopted by MSJC (2008) for determining the
nominal shear strength of reinforced masonry walls. In addition, the nominal shear
strength of reinforced walls shall not exceed:
For M Vd v ≤ 0.25 :

Vn ≤ 6 An

f m'

(2.29)

For M Vd v ≥ 1.0 :

Vn ≤ 4 An

f m'

(2.30)

or for walls where M Vd v is between 0.25 and 1.0, the maximum value of Vn is
determined by linear interpolation.
The nominal bearing strength of masonry, per MSJC (2008), is calculated using the
following expression:
Nominal bearing strength = 0.6 f 'm Abr
where Abr = masonry bearing area.

(2.31)
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The MSJC (2008) specification also includes provisions for the strength design of
Autoclave Aerated Concrete (AAC) masonry. Several limit states are considered in the
calculation of the nominal, in-plane shear strength, VnAAC, of unreinforced AAC masonry.
These include web-shear cracking, crushing of the diagonal compression strut, and shear
sliding. The following expressions govern the shear capacity of unreinforced AAC
masonry for the given limit states:

Web-shear cracking:

AAC masonry with mortared head joints:

VnAAC = 0.95l w t f ' AAC 1 +

Pu
2.4 f ' AAC l w t

(2.32)

AAC masonry with unmortared head joints:

VnAAC = 0.66l wt f ' AAC 1 +

Pu
2.4 f ' AAC l wt

(2.33)

AAC masonry in other than running bond:
VnAAC = 0.9 f ' AAC An + 0.05Pu

(2.34)

where VnAAC = nominal shear strength, l w = length of the wall in the direction of the shear
force, t = nominal wall thickness, f ' AAC = specified AAC masonry compressive
strength, Pu = factored axial compressive load, An = net cross-sectional shear area.

Crushing of the diagonal compression strut:

VnAAC = 0.17 f ' AAC t
where h = effective wall height.

h ⋅ l w2

h 2 + ( 34 l w )

2

(2.35)
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Shear Sliding:

VnAAC = μ AAC Pu

(2.36)

where μ AAC = coefficient of friction of the AAC masonry ( μ AAC = 0.75 between AAC
and AAC, μ AAC = 1.0 between AAC and thin-bed mortar).
The bearing strength of AAC masonry, per these provisions, is governed by the following
expression:
AAC nominal bearing strength = f ' AAC Abr

(2.37)

where Abr = AAC masonry bearing area.

2.12 Analysis of Infill Frames using Finite Element Methods

Several studies have used finite element techniques and computer modeling to analyze
the interaction between masonry infill walls and bounding frames. Due to the complexity
of the problem and variation in the material properties of infill materials, several different
approaches have been used. Finite element analysis has been used along with
experimental testing to perform parametric studies of infilled frame behavior.
Finite element models are useful tools for evaluating the performance and strength of
infilled frames, but are only helpful to the extent that they mimic the behavior of real test
specimens. Boundary conditions between the infill panel and bounding frame as well as
cracking patterns in the masonry material have a large influence on the behavior of
masonry infilled frames. These must be given careful consideration during the
development of finite element models if they are to accurately predict the response of
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actual infilled frames. Researchers have developed special finite elements and modeling
techniques in order to incorporate these considerations in the development of their
analytical models.

2.12.1 Mallick and Severn 1967

Mallick and Severn used a finite element approach to analyze infilled frames subject to
in-plane loading. Their model takes into account the slip between the infill material and
frame as well as the length of contact, and is applicable for both square and rectangular
infill panel configurations. Nonlinear material behavior was also considered. The
stiffness matrix was formulated based on an assumed plane stress distribution. The infill
panel was modeled using rectangular elements with 2 components of displacement at
each node. The nodes at the end of the frame elements had 3 degrees of freedom
including 2 components of displacement and one of in plane rotation. In order to model
slip at the interface of the infill panel and frame, experiments were conducted on infilled
frames with and without shear connectors between the infill panel and frame. The infill
material used was Kaffir-D plaster. The addition of shear connectors resulted in an
increase in frame stiffness.
A method for determining the length of contact between the infill panel and frame, and an
iterative procedure to account for slip were integrated into the computational formulation
and development of the stiffness matrix. Several rectangular and square, single-bay,
single-story infilled frames were tested in order to validate the finite element model.
Very good correlation was found between the analytical model and experimental results
for the square infilled frames. For the rectangular frames, the correlation was not as close
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but was still considered satisfactory. The authors suggest that this method is suitable for
the analysis of multi-story infilled frames, although the computational time is significant
for structures with greater than two stories. In their experimental tests the authors found
the predominate failure mode to be yielding of the infill material at the corners; however
they noted the cause of failure in prototype frames using higher tensile strength materials
would most likely be diagonal tension cracking.

2.12.2 Liauw and Kwan 1982

Liauw and Kwan developed a finite element model to analyze multistory infilled frames
with and without shear connectors. Nonlinearities of the infill material and the
interaction between the infill panel and bounding frame were considered in the
development of the model. The model allows for separation between the infill material
and bounding frame as well as slip along the interface and the development of friction.
Three types of finite elements were used in the development of the model. These include
panel elements for the infill material, frame elements for the bounding frame, and
interface elements which link the panel elements to the frame elements. The panel
elements were modeled using constant strain, plane stress triangular elements with three
nodes, each having two degrees of freedom. The infill material was assumed to be
isotropic before cracking and anisotropic after the formation of cracks. Linear elastic,
brittle material properties were assumed for the infill material in tension. In compression,
non-linearities in the stress-strain material behavior were accounted for. Standard,
prismatic bending elements with three degrees of freedom at each node were used for the
frame elements. The interface elements had three degrees of freedom at the nodes
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connected to the frame elements, and two degrees of freedom at the nodes connected to
the panel elements.
In order to validate the model, displacement controlled monotonic and static, cyclic
testing was performed on four-story, single-bay steel frames having microconcrete infill
panels with and without shear connectors. For the finite element model without shear
connectors, very good correlation was found between the experimental and analytical
results in the initial part of the load-deflection curve. For the infilled frame with shear
connectors, the behavior predicted by the analytical model was similar to that exhibited
by the actual test specimen; however the actual loads were about 12% higher than those
computed using the finite element method. The results of the experimental tests and
analytical models showed the stresses in the infill panels were essentially uniaxial. High
stress concentrations developed in the compression corners of the infill panels without
shear connectors leading to crushing of the masonry material in these areas. Liauw and
Kwan (1985) used the finite element technique presented in Liauw and Kwan (1982) to
study the static non-linear behavior of infilled frames.

2.12.3 Combescure et al. 1995

Combescure et al. (1995) used a fixed crack finite element model to analyze the behavior
of reinforced concrete frames infilled with hollow masonry units. The authors note in
this type of model, the global stiffness of an infilled frame is highly influenced by the
presence of cracks at the interface between the infill panel and bounding frame. For this
reason, the assumptions made regarding the contact behavior between the infill panel and
the frame during the development of a discretized, micro model is very important. In this
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model, the nodes of the panel and frame elements are directly linked without the use of
contact elements. A plane stress distribution was assumed in the infill panel. Nonlinear
material behavior was considered for the masonry material in both tensile cracking and
compression crushing.
In order to compute the upper and lower values of infilled frame strength, two different
formulations were considered for modeling the contact behavior between the infill panel
and frame. In case 1, tensile separation between the frame and infill panel was permitted
by assuming kinematic conditions between the nodes along this interface. In this model,
only normal compressive stresses were developed at the interface of the two materials. In
case 2, separation between the infill panel and frame was not considered and the nodes at
the interface of the two materials had the same degree of freedom.
Cyclic, in-plane tests were performed on single-bay, single-story reinforced concrete
frames with brick infill walls. The results were compared with those predicted by the two
analytical models. The case 1 model slightly overestimated the ultimate strength of the
weaker infilled frame specimen. The case 2 model predicted higher initial stiffness
values than those observed during testing. For case 2, the formation of cracks strongly
influenced the slope of the force-displacement curve.
In order to study the behavior of multi-bay, multi-story infilled frames, pseudodynamic
tests were performed on a three-bay, four-story reinforced concrete frame with hollowed
masonry infill panels. A finite element analysis of the test frame was also included in
this study. According to the authors, macro models which use a simple strut to represent
the infill material do not necessarily accurately predict the global behavior of the
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structure. The authors also note that empirical tests performed on isolated infilled frames
do not realistically portray the type of loading experienced by an infill panel in an actual
multi-bay, multi-story structure.

2.12.4 Barsotti et al. 1998

Barosotti et al. investigated the behavior of masonry infilled frames subjected to in-plane
forces using a two-dimensional numerical model, and an in-house finite element code.
The authors discuss three main stages of infilled frame behavior. In the initial stage, a
linear elastic response is exhibited by the reinforced concrete frame and the masonry
infill material. As load increases cracks develop and separation occurs between the frame
and infill panel. This behavior marks the beginning of stage two, where only
compressive forces are transferred between the frame and infill materials. As the load
continues to increase, a major shift occurs in the distribution of stress in the masonry
material. A diagonal compressive strut is formed in the masonry panel as additional
cracking occurs. The increasing compressive loads are carried through this compressive
strut. In the third and final stage of behavior, failure of the masonry material occurs,
resulting in the failure of the composite system.
The authors used a finite element approach to predict the cracking patterns in the
masonry infill material and determine the ultimate capacity of the composite system. The
finite element model included standard linear-elastic elements as well as compression
only elements to analyze the cracking patterns which occur in the masonry material. This
model was used to study the effects of various parameters on the development of cracks
and the ultimate strength of infilled frames. These variables include the panel aspect
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ratio, beam and column dimensions, and the ratio between the magnitude of the
horizontal and vertical loads.
The following conclusions were made by the authors based on the results of this analysis.
The ratio of horizontal to vertical load, rather than the magnitude of the individual loads,
had the most influence on the cracking patterns in the masonry. A smaller horizontal to
vertical load ratio resulted in a stiffer frame since the higher vertical loads helped to
prevent crack formation. This was especially true for panels with large width-to-height
ratios. According to the authors, numerical models that do not take masonry cracking
into account overestimate the stiffness of the composite system.

2.12.5 Chiou et al. 1999

Chiou et al. (1999) discuss the development of various finite element techniques for
modeling infilled frames. According to the authors, masonry infilled frames under inplane loads exhibit nonlinear and discontinuous behavior due to the cracking of masonry
materials and separation of infill walls from bounding frames. For this reason, the
distinct element method (DEM) for modeling masonry materials as discrete blocks is not
suitable for modeling the dynamic behavior of masonry infilled frames.
A discontinuous deformation analysis (DDA) is proposed as an implicit method for
modeling the behavior of infilled frames. Full-scale experimental tests and an analytical
model using DDA are utilized to study the behavior of masonry infilled walls under
monotonic, in-plane loading. The DDA analysis incorporates an interface element to
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model the continuous and discontinuous behavior of the masonry material as well as an
artificial joint concept.
A series of tests were performed on three types of full-scale, single-bay, single-story
reinforced concrete frames with brick infill walls. These included a bare frame specimen,
a specimen with a partial height infill panel, and a frame specimen with a full-height infill
wall. Each configuration was analyzed using the DDA model. The DDA method is
based on kinematic theory and does not allow interpenetration or tension between the
discreet block elements. Contact springs were used to simulate the interactions between
the blocks. Contact behavior between the blocks was regulated by the Mohr-Coulomb
law. The model also utilized artificial joints which allow a continuous body to be
subdivided into a number of sub blocks. Cracking was assumed to develop in the mortar
joints and was attributed to either tension or shear failure. The reinforced concrete frame
was modeled using similar techniques except triangular sub blocks were used for the
frame instead of the rectangular sub blocks used for the masonry. As discussed by the
authors, rectangular sub blocks are not a good choice for modeling flexural elements
subjected to bending.
In general, the analytical model showed good agreement with the experimental results.
The authors concluded that while full-height infill walls increase the overall stiffness of
the system, partial-height infill walls lead to the short column-effect and severe shear
failure of the columns. The behavior of the system is largely dependent on the cracking
of the masonry mortar, which causes discontinuous and nonlinear behavior. In addition,
it was found that the equivalent compression strut model is not applicable for modeling
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discontinuous masonry walls in reinforced concrete frames, where the onset of nonlinear
behavior causes a redistribution of the principal stresses within the material.

2.12.6 Dawe et al. 2001a

A finite element model was developed to predict the nonlinear load-deformation behavior
and ultimate load carrying capacity of infilled frames, which according to the authors
cannot be accurately modeled using the equivalent strut method. The finite element
model was used to determine the in-plane behavior of an isolated infilled frame. These
results were then used to predict the global response of a multi-bay, multi-story infilled
frame by replacing each infill panel with an equivalent diagonal spring.
A combined iterative and incremental technique was used to account for the nonlinear
behavior of the infilled frame resulting from the interaction and separation of the frame
and infill panel, interface bond and friction, cracking in the masonry due to tension and
shear forces, crushing of the infill material, and development of plastic hinges in the
frame elements. The frame members were modeled using typical plane frame elements
with a node at each end having three degrees of freedom. These elements were assumed
to have linear elastic behavior. The inelastic behavior of the system was accounted for
using a nonlinear, zero-length hinge element with two translational springs and one
rotational spring. The hinges were used in the connection from one frame element to
another, and from the frame elements to the boundary conditions.
Rectangular elastic zones modeled with rectangular, orthotropic plane stress elements
were used to represent multiple masonry units within the masonry infill mesh. These
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were connected by joint elements having four nodes and ten springs with limited shear
and tensile capacity and infinite compression strength. This configuration allowed for
accurate representation of typical masonry failure modes including tensile failure in head
and bed joints, tension failure of the masonry units, and a combination of these. The
effects of cracking were concentrated in the joint elements at the boundaries of the elastic
zones. This method was used to model joint separation and closure as well as shear and
friction along mortar joints under static loading. The authors do not recommend this
analysis technique for cyclic loading applications.
Interface elements with a pair of normal and tangential springs were used to model the
interaction between the infill panel and bounding frame. These elements had two nodes
each with two degrees of freedom as well as an additional offset parameter to account for
gaps between the frame and infill material. A reinforcement element with two degrees of
freedom was used to account for horizontal or vertical reinforcement in the infill panel.
In this model, trilinear load-deformation behavior was assumed for the frame members.
The model incorporated multiple failure criteria for the frame members as well as the
masonry material. The extent of contact between the frame and infill panel had a large
influence on the behavior of system, and according to the authors, is one of the most
important aspects in the modeling of infilled frames. This model was calibrated using
tests on both steel and concrete frames with masonry infill walls performed by various
researchers. The analytical model was found to be reasonably accurate up to ultimate
load levels when compared to the results of the experimental tests.
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2.12.7 Dawe et al., 2001b

Dawe et al. (2001b) used the finite element model developed by Dawe et al. (2001a) to
perform an extensive parametric study of steel frames with concrete block infill walls.
The parameters considered in the study included the height to length aspect ratio of the
panels, the method of application of the horizontal in-plane loads, the presence of
isolation gaps between the panel and beam, ties between the infill panel and column,
mortar joint bond strength, beam stiffness, vertical loads, and masonry strength.
In the study regarding the behavior of infill panels with varying height-to-length ratios,
three different frames were considered with aspect ratios of 0.5, 1.0, and 1.5. All of the
frames considered exhibited similar behavior and stiffness up to the initial peak load.
The panel with an aspect ratio of 1.0 had greater strength beyond the initial peak load
than the other frames, while the panel with an aspect ratio of 1.5 had the most
pronounced load drop following the initial peak load.
The effect of using mechanical fasteners to attach the infill panel to the bounding frame
at discrete points was also studied. Here it was found that tension only connectors have
little effect on the overall behavior of the frame. Shear fasteners increased the peak loads
by a small amount, but caused major cracking in the panel before peak loads were
reached.
A study of the frame-to-panel interface conditions showed the coefficient of friction
between the frame and infill panel has a greater influence on the behavior of the frame at
later stages of the loading, once cracking has occurred resulting in non-linear behavior.
The presence of a gap between the infill panel and the underside of the top beam in the
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frame reduced the initial peak load value. The initial peak load and stiffness of the
system are greatly decreased when there is no frame to panel connectivity or friction.
The mortar bond between the masonry joints had a large influence on the initial stiffness
of the infilled frame assembly. This effect is more obvious with an increasing height to
length ratio of the infill panel.
For the bounding frame, an increase in beam stiffness resulted in higher initial stiffness
and peak loads for lower aspect ratios. Increasing the column stiffness had the same
effect for higher aspect ratios. The introduction of moment resisting connections in the
bounding frame resulted in higher initial peak loads but had little effect on the initial
stiffness. Stronger infill materials resulted in greater frame stiffness and higher peak
loads. Increasing the gravity loads on the infilled frame also resulted in greater in-plane
strength and stiffness. The authors concluded that several of the parameters considered in
the study should be taken into account for the design and analysis of infilled frames.
They also found the introduction of mechanical ties between the frame and infill panel do
not significantly improve the performance of the composite system.

2.12.8 Ghosh and Amde 2002

Ghosh and Amde (2002) present the development of a new finite element model for
analyzing infilled frames, which incorporates the use of a special, nonassociated interface
element to simulate the interaction between the infill panel and structural frame. The
interface elements were also used to represent the mortar joints in the infill material in
some of the models. In this study, it was found that the load-displacement behavior of
the infilled frames was not significantly influenced by treating the masonry infill as a
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homogenous material rather than modeling the mortar joints separately. According to the
authors, this agrees with empirical data which demonstrates that the cracking of the
mortar joints does not significantly alter the stiffness or strength of the frame since
frictional resistance of the masonry is preserved by the confining action of the frame.
Cracking of the masonry material in tension was accounted for using the smear cracking
model. Crushing of the masonry material was modeled using a simple von Mises
plasticity model that incorporated an associated flow rule with isotropic strain
hardening/softening behavior. Four-noded, isoparametric plane stress elements with 2x2
Gauss points were used to model the infill material as well as the structural frame
members. The interface element was developed based on a yield/fracture criterion that
considered the ultimate tensile strength of the masonry as well as the shear strength,
which is a combination of the cohesive strength and the frictional resistance of the
material.
The results of the finite element modeling were compared with empirical results from
tests of steel frames with masonry infill walls performed by Riddington (1984) and Pook
and Dawe (1986). The load-displacement curves obtained using the finite element
models had good correlation with those seen in the experimental tests. Better correlation
was found with the tests performed on more flexible steel frames. The finite element
model was useful for predicting the load-deflection behavior as well as the failure mode
of the infilled frames. According to the authors, the aspect ratio of the infilled frame
significantly influences the behavior of the infill panel. Corner crushing and diagonal
compression failure were the dominant failure modes observed in the masonry material.
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2.12.9 Shing and Mehrabi (2002)

Shing and Mehrabi (2002) discuss and compare several finite element techniques used for
modeling masonry infill walls. According to the authors smeared crack elements do not
accurately model diagonal shear cracks and shear sliding in cracked concrete and
masonry, and therefore may lead to unconservative results. Shing and Mehrabi suggest
that using interface elements to model the mortar joints in infill panels is a more accurate
method for simulating the failure planes observed in masonry materials.
The authors discuss a model developed by Mehrabi et al. (1994) that utilizes an interface
element to account for increased contact stress due to joint closing, shear dilatation, and
plastic compaction in mortar joints. This model was used to analyze an isolated,
reinforced concrete frame with a hollow concrete block masonry infill wall.
Quadrilateral elements with nine nodes were used to model the concrete frame. Twonode bar elements were used for the flexural reinforcement. The masonry material was
modeled using four-node smeared crack elements having two double-node interface
elements for the mortar joint. The model parameters were calibrated using material tests.
The theoretical values for frame stiffness and strength computed using this model were
compared with empirical results from tests on a masonry infill panel confined by an
isolated, reinforced concrete frame. The model accurately predicted the failure
mechanism but overestimated the extent of corner crushing in the masonry material. The
authors note the use of refined finite element models for time-history analysis is
impractical due to the computational time required.
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2.13 Macro Models

Macro models have been developed by several researchers to predict the global response
of multi-story, multi-bay infilled frames to in-plane loads. These models incorporate the
analysis methods discussed previously to predict the overall performance and behavior of
buildings with masonry infilled structural frames. The purpose of macro models is to
provide designers with a reasonably accurate, simplified analysis tool for designing
infilled frames, which does not require the same development and computational time as
finite element techniques.
Seah and Dawe (1997) developed a computer program called EPIFRAME (Elastic Plastic
analysis of Infilled FRAMEs) to aid designers in the analysis of frames with masonry
infill panels. In this program, infill panels are treated as load resisting elements by taking
into account the elastic-plastic, nonlinear behavior of the infill walls. Simple beam
elements with six degrees-of-freedom per node are used to model the structural frame
members. Perfectly elastic, perfectly plastic load-deformation behavior is assumed for
the frame members.
Equivalent spring elements are used to model the load resisting behavior of the masonry
infill panels. The stiffness and strength of the equivalent springs is based on the loaddeformation curves of an isolated frame with similar properties as the actual frame
infilled with the same type of masonry material. This data is obtained either by testing or
finite element modeling. In this program, the equivalent diagonal springs used to model
the infill panel are only activated when subject to compressive forces, using an
incremental load approach.
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Results of racking tests performed on a 1/3-scale, three-bay, three-story, reinforced
concrete frame infilled with brick masonry walls were used to validate the accuracy of
the model. The comparison showed reasonable correlation between the analytical and
experimental results. By replacing the infill panels with equivalent springs, significant
computational time is saved, allowing the method to be useful and practical for a design
office.
Madan et al. (1997) developed a macro model based on an equivalent diagonal strut
approach with a hysteretic force-deformation rule. The formulation considers
degradation of the strength and stiffness of the infill panel as well as pinching in the
hysteresis loops of the masonry, and is time rate independent. Using this method, the
infill panel is replaced by two, equivalent diagonal masonry compression struts. A time
independent smooth hysteresis model is used to account for strength deterioration and
stiffness degradation of the infill panel due to repeated load reversals. According to the
authors, the pinching of hysteresis loops has often been observed in masonry materials
subject to load reversals due to the opening and closing of cracks in the masonry.
Using this model, quasi-static cyclic and dynamic analyses were performed with a
nonlinear structural analysis program, IDARC2D. The authors found that the demand for
hysteretic energy dissipation in the frame is reduced by the presence of masonry infill
walls resulting in less damage to the columns. The ductility demand on the columns was
less for the frames with infill panels compared to a bare frame specimen that was also
considered in the analysis. In this study, greater damage occurred in the infilled frames
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with stronger infill panels. The model is applicable for both static and dynamic analysis
of masonry infilled frames.
A three-strut macro model was proposed by El-Dakhakhni et al. (2003). Infill frame
failure modes considered by the authors in the development of this model include corner
crushing, sliding shear failure, diagonal compression failure, diagonal cracking, and
frame failure. Frame failure corresponds to a weak frame with strong infill panels and
rarely occurs in frames with unreinforced masonry infill walls. The analytical model was
developed for steel frames with concrete masonry infill panels. A three-strut model was
chosen based on the observation that single-strut models cannot accurately predict the
bending moments and shear forces in the confining frame due to the interaction between
the frame and masonry infill material. In this model, a single diagonal strut was used to
connect the corners of the frame, and two off-diagonal struts were used to reproduce the
moments in the beams and columns.
According to the authors, the three-strut arrangement also allows for interaction between
different panels in multi-story frames and more accurately incorporates the effect of
contact length and local distribution of stress within the infill material at the corners. The
cross-sectional area of the diagonal struts is determined based on the contact length of the
masonry infill panel. The length of the struts is calculated from the contact lengths and
panel dimensions. The contact lengths along the column and beam as well as the total
cross sectional area of the struts are determined from the following equations:

αch =

2( M pj + 0.2 M pc )
tf m' −0

≤ 0.4h

(2.38)
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α bl =

2( M pj + 0.2 M pb )
≤ 0.4l
tf m' −90

A=

(1 − α c )α c ht
cos θ

(2.39)

(2.40)

where α c = ratio of the column contact length to the vertical column span, α b = ratio of
the beam contact length to the vertical column span, h = vertical column span between
the centerlines of the upper and lower beams, l = beam span, t = panel thickness, M pj =
minimum of the column, beam, or connection plastic moment capacity; M pj and M pj =
column and beam plastic moment capacities, f m' −0 and f m' −90 = compressive strengths of
the masonry parallel and perpendicular to the bed joint, and θ = tan −1 (h / l ) .
The stress-strain behavior of the equivalent diagonal struts is determined from a
simplified, trilinear stress-strain relation that assumes the secant stiffness at peak load to
be equal to half of the initial stiffness of the infilled frame. Using this information, a
force-deformation relation is calculated for each of the three-struts and used in the macromodel to simulate the load-deformation behavior of the masonry panel.
Five models of isolated steel frames with concrete masonry infill panels were created
with the finite element program ANSYS 5.3 using this method. The frame configuration
parameters were based on infilled frame specimens tested previously by various
researchers. The frame members were modeled using ANSYS BEAM3 elastic beam
elements. COMBIN39 nonlinear rotational spring elements were used at the beam to
column connections to model the non-linearity in the frame joints. According to the
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authors, the nonlinearity in the frame is concentrated at the joints due to limited ductility
at the connections.
In comparing the analytical results with the empirical data obtained from previous tests, it
was seen that the macro-model accurately predicted the stiffness of the frame up to the
point of failure. The theoretical failure values obtained from the analysis were
reasonably close to the peak capacity of the actual test specimens. In some cases the
peak values were slightly higher and in other cases they were slightly lower. This
method is applicable for multi-bay, multi-story structural frames with infill walls. The
replacement of the infill panel with three equivalent struts significantly cuts down on
computation time but still accounts for non-linear behavior in the steel frame and
masonry material.

2.14 Structural Fuse System

Aliaari (2005) performed several tests in order to validate the concept of the structural
fuse system. A 1/4-scale, two-bay, three-story, pin-jointed steel frame with brick infill
walls was constructed with gaps between the brick panels and the columns and upper
beam of each bay. Threaded steel rod x-braces were used to simulate the stiffness of a
steel moment frame. The brick infill panels were connected to the steel frame with a
lumber disk structural fuse element.
Several tests were performed to determine the most appropriate material for the fuse
element. Concrete disks, lumber disks, and steel disks with adhesive attachment were all
considered in this testing program. Lumber disks cut from hard maple wood were chosen
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for the fuse element based on their ductile failure behavior and low variability in strength.
The thickness of the lumber disks was based on the strength of the brick infill walls used
in the experiments.
Static, monotonic tests were performed on the two-bay, three-story test frame with brick
infill walls using a hydraulic cylinder to apply displacement controlled loads at the top
story of the frame. The results of these tests showed that the structural fuse concept
worked well as a seismic isolation system and prevented damage in the masonry infill
panels. The steel frame with lumber disk fuse elements and brick infill panels
demonstrated linear behavior up to the point where the fuse elements began to crack.
Cracking of the fuse elements was followed by a drop in the load resistance capacity of
the frame. This system allowed for increased stiffness and strength in the elastic range of
the masonry material, but prevented damage to the infill panels and increased frame
ductility under higher loads.
The fuse system design and lumber disk fuse elements allowed for the transfer of lateral
loads between the frame and infill panels at lower levels of imposed load. As the lateral
load increased, the fuse elements failed providing a sufficient gap between the panels and
frame to allow for independent movement. Observations showed that the strength of the
fuse elements had a great effect on the behavior of the frame. The structural fuse element
system was found to be most beneficial for more flexible frames such as momentresisting frames. The performance of the structural fuse system under cyclic loading was
not evaluated.
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2.15 Literature Review Summary

As discussed in this literature review, masonry infill walls are used in many areas of the
world, including places prone to high seismic events. In many cases, infill walls are
treated as nonstructural elements in the design of infilled structural frames. It has been
shown by several studies that infill walls alter the dynamic properties and load
distribution behavior of structural frames, and therefore should be considered during the
design of infilled frames.
Severe damage has been observed in masonry infill walls and infilled frames as a result
of major seismic events. Crushing of masonry material and shedding of debris has
occurred during past earthquakes. Masonry infill wall failure can also lead to
catastrophic frame behavior such as soft story and short column failure mechanisms.
These life safety issues are of particular concern for unreinforced masonry infill panels.
Researchers have suggested that if the lateral demand on an infilled frame is expected to
exceed the elastic range, unreinforced infill walls should either not be used, or should be
isolated from the bounding frame. A major advantage of the structure fuse concept is that
it allows infill panels to be isolated from the frame, before the demand on the masonry
material causes inelastic behavior.
Research has shown that the strength and behavior of infilled frames is influenced by
several parameters, including the type of masonry and mortar used in the construction of
the infill walls, quality of workmanship, interface condition between the panels and
bounding frame, type or existence of reinforcement in the infill walls, the aspect ratio of
bounding frame, and magnitude of vertical load on the infilled frame. Static, in-plane
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tests of infilled frames have shown that infill walls act as a compression strut with
distinct stages of behavior including tensile cracking and separation of the infill panel
from the frame at the unloaded corners, compression of the diagonal connecting the
loaded corners, diagonal cracking along the compression strut, confinement by the frame
due to friction along the infill panel/frame interface, and failure of the wall panel due to
crushing of the masonry material, shear sliding, or a combination of these.
Out-of-plane tests have shown that infill panels can resist a significant amount of load
applied perpendicular to the wall through the development of arching action. If the infill
panels are constructed with a gap between the wall and frame, however, the out-of-plane
capacity of the wall is limited. The out-of-plane behavior of infill panels should also be
considered during the design stage.
In addition to static, monotonic testing of infilled frame specimens, researchers have used
dynamic testing techniques to study the performance of masonry infilled frames. Quasistatic, cyclic testing is one method that has been utilized in order to study the seismic
behavior of infilled frames. With this method, a stepped loading history is applied at a
slow rate to the test specimen. Research has shown that for the range of frequencies
associated with the in-plane response of masonry walls, the rate of load application does
not have a great influence on the accuracy of the test results. Previous cyclic testing
programs have showed good correlation between the results of tests performed using
static and dynamic loading protocols.
Generic quasi-static loading protocols have been developed for use in static, cyclic test
applications. Several researchers have applied quasi-static loads to masonry infilled
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frames, using an inverted triangle, first mode load distribution. In several cyclic tests
performed on infilled frames, a stepped loading protocol was used where two load cycles
were applied at each load step. Researchers have also demonstrated that the use of scaled
test specimens is a reasonable approach. In previous tests performed by various
researchers, the specimen scale factor did not have a significant effect on the test results.
In the research performed for this thesis, a generic, quasi-static loading protocol was used
during cyclic tests performed on a 1/4 scale, two-bay, three-story steel test frame with
brick infill walls. Displacement controlled loads were applied using an inverted triangle
displacement shape with two cycles at each load step.
Several analytical models have been developed for predicting the in-plane strength and
behavior of masonry infilled frames. The equivalent diagonal strut model is the most
common analysis approach; however, some researchers have recommended a limit states
method based on the predominant failure modes observed in infilled frames during
testing. Several finite element analysis models have also been proposed, however, this
approach is not as practical in a design office setting since it requires a significant amount
of development and computational time for the analysis of infill walls in multi-bay,
multi-story structures.
Macro models have been proposed which allow for the analysis and design of multistory, multi-bay infilled frames and require less computational time than discretized,
micro analysis methods. Some researchers have noted that macro-models cannot
accurately predict frame behavior since they do not account for the various failure modes
that have been observed in masonry infilled frames. For the design and analysis of
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infilled frames which incorporate a structural fuse system, however, a macro model
approach which utilizes the equivalent strut method is reasonable since the fuse
mechanism limits the behavior of the masonry material to the elastic range. In this thesis,
a simplified macro model approach is developed for analyzing infilled frames with
structural fuse elements.
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Chapter 3 - Experimental Program
3.1 Overview

An experimental program was designed and implemented to evaluate the performance of
the structural fuse system under cyclic loading and to determine its applicability for use
with various masonry materials. Testing was performed in the Building Envelope
Research Laboratory (BERL) in the Department of Architectural Engineering at the
Pennsylvania State University. In previous tests, Aliaari (2005) tested the performance of
the structural fuse system under static loads using a 1/4-scale, two-bay, three-story steel
test frame with brick infill walls. In this study, monotonic, displacement controlled loads
were applied at the top story of the test frame using a hydraulic loading jack. The
behavior of the structural fuse system under cyclic loads was not studied, nor was the
system evaluated for use with masonry materials other than brick masonry units.
As a continuation of Aliaari’s work, an original testing program was developed and
executed to collect new data regarding the behavior of the structural fuse system. In this
program, two series of tests were performed on the same two-bay, three-story steel test
frame used by Aliaari (2005). In one series, the cyclic response of the structural fuse
system was studied by applying quasi-static loads to the test frame with brick infill walls
in place. The displacement-controlled loads were applied at the first, second and third
story levels using hydraulic jacks to induce an inverted triangle, first mode displacement
shape in the test frame.
In the other test series performed by Aliaari (2005), monotonic, displacement-controlled
loads were applied exclusively at the third story of the test frame. The objective of these
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tests was to investigate the behavior of the structural fuse system in combination with
infill wall specimens constructed of various masonry materials including concrete
masonry units (CMU) and autoclaved aerated concrete blocks (AAC). Material tests
were also performed to evaluate the shear and compressive strength of the masonry
materials used in the parametric testing program. In addition to these tests, lumber disk
compression tests were completed to verify the strength and behavior of the hard maple
lumber fuse elements that were used in both the cyclic and parametric studies.

3.2 Test Facility and Experimental Apparatus

3.2.1 Test Frame and Reaction Platform

The cyclic and parametric studies of the structural fuse system were performed on a twobay, three-story, steel test frame. The frame was constructed at a scale factor of 1 to 4
with HSS5x5x3/8 hollow structural steel members. The frame was designed with a
typical story height of 31 in. and bay width of 49 in., resulting in clear distances from
beam-to-beam and column-to-column of 26 in. and 44 in., respectively. The frame
members were pin connected to allow for adequate floor movements during testing and to
enable the study of the system in a braced (stiff) and partial braced (flexible)
configuration. The pin connections were made using 1-1/2 in. diameter, 12 in. long,
round steel bars meeting the ASTM A311 standard, with a minimum yield strength of 95
ksi. Thin shim washers and lubricating grease were used at the pin connection locations
to reduce friction and allow free rotation at the connections. The base of the test frame
was pin connected to an L8x4x1/2x0’- 5” steel angles which were welded to 1-1/2 in. x
17 in. x 29 in. steel base plates. The base plates were bolted to a reinforced concrete test
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platform using 1-3/8 in. diameter steel rods which were threaded into couplers imbedded
in the concrete. A front elevation of the test frame is shown in Figure 3.1.
As shown in Figure 3.1, the masonry infill panels were supported by the bottom beam of
each bay of the test frame with a 6 in. gap between the sides of the walls and the HSS
columns, and a gap of between 1-1/2 in. and 2-3/8 in. between the top of the walls and
bottom of the beams. The brick infill walls used in the tests performed by Aliaari (2005)
were reused for the cyclic testing program. For the parametric tests, infill walls
constructed of CMU and AAC masonry units were placed on the test frame. The infill
panels were constructed by professional masons with a length of 32 in. and heights of
between 23-5/8 in. and 24-1/2 in.
In order to prevent the base of the infill panels from sliding along the HSS beams in the
in-plane direction, 4x4x3/4x0’- 5” steel angles were welded to the top of the beams on
either side of the walls. Out-of-plane movement at the bottom of the infill wall panels
was prevented by 5x3x1/2x0’- 5” steel angles welded to the sides of the HSS beams. In
order to prevent overturning of the infill panels, 1/2 in. x 6 in. x 9 in. steel plates were
secured to the top of the walls using 1/2 in. diameter, Grade B7 threaded rods with 13
threads per in. The rods were bolted to the outstanding legs of the 5x3x1/2x0’- 5” angles
welded to the sides of the beams in order to hold down the infill walls. Rubber and wood
shims were placed between the steel angles and the infill walls to ensure a tight fit.
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Figure 3.1: Front elevation of the 1/4 scale, two-bay, three-story steel test frame

During testing, lateral loads were applied to the test frame at each story level using
hydraulic cylinders. The cylinders were attached to a steel reaction frame, which was
welded to heavy steel base plates and bolted to the same reinforced concrete foundation
platform as the test frame. The reaction frame was constructed with two W14x211
vertical column sections each braced by a W14x211 diagonal member. Two W10x88
horizontal beams were bolted to the webs of the W14x211 vertical members at an upper
and lower elevation. The hydraulic cylinders were attached to a W12x190 vertical
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reaction arm which was bolted to the W10x88 horizontal beam members. Figure 3.2
shows a front elevation and plan view of the reaction frame and test foundation platform.
A picture of the test frame in the BERL test facility is shown in Figure 3.3.

Figure 3.2: Steel reaction frame and concrete test platform
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Figure 3.3: Steel test frame with brick infill walls in place

3.2.2 Diagonal X-Bracing

As shown in Figure 3.1, diagonal X-bracing rods were used to provide in-plane lateral
stiffness to the steel test frame. The diagonal bracing system was designed so that the
pin-jointed steel frame had the same stiffness as an equivalent steel frame with moment
resisting connections. A series of tension tests were conducted by Aliaari (2005) on
various types of threaded rods to determine the most appropriate size and material to use
for the diagonal braces. Based on the results of these tests, 3/8 in. diameter, Grade B7
steel rod specimens with 16 threads per in. were chosen for the diagonal bracing
members. The material properties of Grade B7 steel are governed by the ASTM A193
standard and have a minimum tensile strength of 125,000 psi.
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In the fully braced test frame configuration shown in Figure 3.1, a total of four diagonal
braces were used in each bay with two bracing rods on either side of the infill panels. For
the half-brace configuration shown in Figure 3.3, diagonal braces were used in only one
bay of each story. The diagonal brace members consisted of a 3/8 in. diameter, righthand threaded steel rod joined to a 3/8 in. diameter, left-hand threaded rod using a special
coupling nut with right-hand threads in one end and left-hand threads in the other end.
The diagonal braces were attached to the test frame using connection plates made by
welding a 1-3/4 in. long coupling nut to a 1/4 in. x 4 in. x 6 in. steel plate which had a 19/16 in. diameter hole that fit over the 1-1/2 in. diameter steel pin bars at the pin joint
locations on the test frame. The connection plates were attached to either end of the
braces by threading the 3/8 in. diameter rods in to the coupling nut welded to the plate.
Figure 3.4 shows a drawing of the diagonal X-braces.

Figure 3.4: Diagonal X-bracing design
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3.2.3 Hydraulic Cylinders

During the cyclic and parametric testing programs, displacement-controlled loads were
applied to the test framing using Enerpac Holl-O-Cylinder® model RRH-606 hydraulic,
hollow plunger cylinders. The hydraulic loading jacks were mounted to the steel reaction
frame at each story level as shown in Figure 3.2. In the cyclic testing program, loads
were applied at each story level in both in-plane directions (advance and retract). For the
parametric testing program, load was applied at the third story only, in the advance
direction. The cylinders had a 6.5 in. stroke length, an outside diameter of 6.25 in., and
effective advance and retract areas of 12.73 in.2 and 8.37 in.2 respectively. The advance
and retract capacities of the 10,000 psi cylinders were 64 ton and 42 ton respectively.
In order to connect the cylinders to the test frame, a 1-1/2 in. x 6 in. x 9-1/2 in. steel
attachment plate with 1-1/2 in. diameter steel rods welded to either end was fastened to
the stroke of each loading jack. Two 3/4 in. x 5 in. x 11 in. steel plates with 1-9/16 in.
diameter holes that fit over the 1-1/2 in. diameter test frame pin bars and the 1-1/2 in.
diameter steel rods welded to the attachment plates were used to attach the stroke of each
loading jack to the test frame at each story level. An elevation and plan view of this
connection detail is given in Figure 3.5. Figure 3.6 shows a picture of one of the
hydraulic cylinders attached to the test frame.

95

Figure 3.5: Detail of hydraulic cylinder connection to the test frame

Figure 3.6: Hydraulic loading jack attached to the test frame
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3.2.4 Structural Fuse Element and Fuse Mechanism

The fuse element is the key component of the structural fuse system. The purpose of the
fuse is to serve as a link between the structural frame and the masonry infill walls and
prevent damage to the infill material. Under typical lateral loading conditions, the fuse
transfers the story shear forces from the frame to the masonry infill panels which help to
resist the in-plane lateral loads and limit frame deflections. If the lateral loads
experienced by the frame are sufficiently high to cause inelastic behavior in the masonry
panels, the fuse element is designed to “break” and disengage the infill wall from the
frame before damage occurs to the masonry material. For the system to work, the fuse
must be designed to break at a load that is less than the strength of the masonry material.
Several tests were conducted by Aliaari (2005) on different fuse prototype specimens
including concrete compression disks, wood compression disks, and steel disks with
epoxy. The objective of these tests was to determine the type of fuse element best suited
for the structural fuse system testing program. Based on the results of these tests, hard
maple, lumber compression disks were chosen for the fuse element since they
demonstrated more consistent results and had a more ductile failure behavior than the
other options. Additional tests were performed on the hard maple disks by Aliaari (2005)
to determine the strength of the fuse element for various disk thicknesses. Table 1 shows
the averaged results of these tests.

Table 3.1: Disk grade capacities from Aliaari (2005)
Grade
1
2
3

Thickness (in.)
0.5
0.75
1

Capacity (lb)
2396
4297
4945
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As shown in Figure 3.1, the fuse mechanism is located on either side of the masonry infill
walls near the upper corners of each bay. During the structural fuse system tests, the inplane lateral loads applied to the test frame by the hydraulic jacks were transferred to the
masonry infill walls through the fuse mechanism. The fuse mechanism used in this
testing program consisted of a lumber disk fuse element, steel seat disk, steel support
pipe, half-threaded steel rod, and steel bearing plate. The fuse element was held in place
by the steel seat disk which was welded to the 1-3/4 in. long, 4 in. diameter steel support
pipe. The support pipe, which had a 1/8 in. wall thickness, was welded to the inside face
of the HSS5x5x3/8 vertical frame members.
A half-threaded, 0.88 in. dia. steel rod with 14 threads per in. was used as the punching
element of the fuse mechanism. The rod was threaded into a 1 in. x 3 in. x 3 in. steel
bearing plate with a 1 in. diameter drilled and tapped hole. The bearing plate was
attached to the masonry infill wall using high strength epoxy. The fuse elements were
installed on the test frame by placing the lumber disk in the steel seat disk of the fuse
mechanism and threading the 0.88 in. dia. punching rod tight against the disk to hold it
firmly in place. A drawing of the fuse element design is shown in Figure 3.7.
The lumber disk fuse elements used in the cyclic and parametric testing programs were
cut from hard maple boards using a 4-1/8 in. diameter hole-saw and an industrial milling
machine. Lumber disk compression tests similar to those performed by Aliaari (2005)
were completed in order to evaluate the strength of the fuse elements and determine the
appropriate disk thickness to use with each type of masonry infill material during the
structural fuse system tests.
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At the beginning of this testing program, compression tests were performed on 12
wooden disks with varying thicknesses including 0.5 in., 0.75 in., 1.0 in., and 1.5 in. In
these initial fuse element compression tests, three disks of each thickness were tested.
During the course of the testing program, additional disks were cut from several hard
maple lumber boards to use for the fuse elements in the cyclic and parametric tests. In
order to evaluate the variability of the hard maple lumber, at least three disks from each
lumber board were set apart and tested at the end of cyclic and parametric testing
programs.

Figure 3.7: Fuse mechanism

3.2.5 Masonry Infill Walls

The masonry infill walls used in the cyclic and parametric testing programs were
constructed in the BERL test facility by professional masons. The cyclic test series was
performed on the two-bay, three-story steel test frame with the same brick infill walls

99
used in the monotonic tests completed by Aliaari (2005). For the parametric tests,
masonry infill walls of various materials were used. Originally, this program was to
include tests on wall panels constructed of concrete masonry units (CMU), autoclaved
aerated concrete blocks (AAC), and hollow clay tiles (HCT). Eight infill panels of each
of these materials were constructed; however, several of the HCT specimens were
damaged and could not be tested.
The brick infill walls were constructed with Type N mortar and solid clay bricks with
dimensions of 2-1/4x3-1/2x7-5/8 in. As shown in Figure 3.8, the brick infill walls
consisted of 9 courses of bricks constructed in running bond configuration with four
bricks per course. The dimensions of the brick infill wall specimens were 3-1/2x241/4x32 in. Figure 3.9 shows a picture of one of the brick infill panels on the test frame.
The CMU walls were constructed with Type S mortar and concrete blocks having three
voids per block and dimensions of 3-5/8x7-5/8x15-5/8 in. As shown in Figure 3.10, the
dimensions of the CMU wall specimens were 3-5/8x23-5/8x32 in. Figure 3.11 shows the
CMU wall panels during construction. The AAC wall panels were constructed with thin
bed mortar and solid AAC blocks with dimensions of 4x8x24 in. The dimensions of the
AAC wall specimens were 4x24-1/8x32 in. as shown in Figure 3.12. A completed AAC
wall panel is shown in Figure 3.13. The HCT infill panels were constructed with 33/4x11-5/8x11-3/4 in. hollow clay tiles using Type S mortar. The HCT units had three
voids per tile, oriented in the vertical direction. The overall dimensions of these walls
were 3-3/4x23-5/8x32 in. as shown in Figure 3.14. Figure 3.15 shows one of the HCT
panel specimens following construction.
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Figure 3.8: Solid clay brick infill wall specimen

Figure 3.9: Brick infill wall panel on steel test frame
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Figure 3.10: CMU infill wall specimen

Figure 3.11: CMU infill wall panels during construction
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Figure 3.12: AAC infill wall specimen

Figure 3.13: AAC infill wall panels after construction
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Figure 3.14: HCT infill wall specimen

Figure 3.15: HCT infill wall panel after construction

104

3.3 Lumber Disk Puncture Tests
3.3.1 Test Objectives

The goal of the lumber disk puncture tests was to evaluate the strength and variability of
the hard maple lumber disks used for the fuse element in the cyclic and parametric tests
of the structural fuse system. It was also important to determine the relationship between
the thickness of the disks and strength of the fuse element. The results of these tests were
used to decide what disk thickness to use at each story level during the structural fuse
system tests.
An additional objective of the initial lumber disk tests performed on the 12 disk
specimens was to measure the strain in the steel punching rod used to apply the
puncturing load to the fuse elements. This data was used to detect bending in the rod and
determine how evenly the puncturing load was applied at the center of the disk
specimens. These results were also useful for correlating the strains measured in the steel
punching rods during the structural fuse system tests with the magnitude of the loads
transferred to the masonry infill walls from the steel test frame.

3.3.2 Test Set-Up and Equipment

A schematic of the lumber disk puncture test set-up is given in Figure 3.16. The test
specimens were cut from hard maple lumber boards using the 4-1/8 in. diameter hole-saw
and industrial milling machine shown in Figure 3.17. The Instron Model 1350 load
frame used for the puncture tests is pictured in Figure 3.18. A 4 in. diameter steel pipe
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with a 1/8 in. wall thickness and a steel seat disk were used to hold the lumber disk
specimens in place during the tests. These are pictured in Figure 3.19.
The displacement-controlled load was applied at the center of the disk specimens using a
0.88 in. dia., 2.75 in. long, half-threaded steel rod with a thread size of 14 threads per in.
The threads extended for 1.5 in. along the length of the rod leaving 1.25 in. of smooth
rod. As shown in Figure 3.20, the steel punching rod was threaded into a 1 in. x 3 in. x 3
in. steel bearing plate with a drilled and tapped hole at its center. The application of the
compressive load to one of the lumber disk specimens is shown in Figure 3.21.

3.3.3 Instrumentation

During the puncture tests, the load, displacement, and strain in the steel punching rod
were recorded using the data acquisition system shown in Figure 3.22. In order to
measure the strain in the steel rod during the tests, CEA-06-125UN-120 strain gages
manufactured by Vishay were mounted to smooth end of the rod as shown in Figure 3.23.
The load applied by the Instron load frame was measured using the built-in load cell.
Data was collected at 10 samples/sec using LabVIEW software from National
Instruments. The strain gages were connected to the data acquisition system using a
Wheatstone bridge circuit in a quarter-bridge configuration. A three-wire set-up was
used to cancel out temperature induced strains in the lead wires. A diagram of the
quarter-bridge strain gage circuit is shown in Figure 3.24.
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3.3.4 Test Procedure

At the start of each test, the wood disk specimen was placed in the steel seat disk, which
was fitted onto the 4 in. dia. steel pipe and positioned on the load frame. After centering
the steel rod and bearing plate on top of the lumber disc, the stroke of the load frame was
displaced using a manual control knob until the disc experienced a minimal puncture
load. The quarter-bridge circuits for both strain gages were then balanced using the shunt
resistor and strain gage calibration data provided by Vishay.
After calibrating the strain gage circuits, puncturing load was applied to the specimen
with a stroke displacement rate of 0.002 in./sec. The tests were continued until the
lumber disk specimen was damaged to the point where it could no longer carry
significant load. A test matrix of the initial lumber disk puncture tests performed at the
beginning of the experimental program is given in Table 3.2. Additional lumber disk
compression tests were performed after the completion of the cyclic and parametric tests
in order to verify the strength of the lumber disk fuse elements cut from each hard maple
board. A test matrix for these tests is provided in Appendix A.
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Figure 3.16: Puncture test set-up

Figure 3.17: Milling machine and holesaw

Figure 3.18: Instron load frame
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Figure 3.19: Steel pipe and seat disk

Figure 3.20: Steel rod and end plate
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Figure 3.21: Lumber disk puncture test

Figure 3.22: Data acquisition system

Figure 3.23: Strain gage placement on threaded steel rod from Aliaari (2005)
(Used with permission)
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Figure 3.24: Quarter-bridge strain gage circuit

Table 3.2: Lumber disk test matrix

Specimen
D1
D2
D3
D4
D5
D6
D7
D8
D9
D10
D11
D12

Thickness (in.)
0.5
0.5
0.5
0.75
0.75
0.75
1.0
1.0
1.0
1.5
1.5
1.5
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3.4 Masonry Infill Wall Destructive Shear Tests
3.4.1 Test Objectives

Destructive shear tests were performed to determine the in-plane pushover strength of
the masonry infill wall specimens used in the structural fuse system testing program.
The goal of these tests was to determine the appropriate fuse element thickness to use
with each type of masonry material included in the parametric tests. An initial series of
shear tests was performed on two infill wall specimens of each type of masonry material
including CMU, HCT, and AAC. Brick infill wall specimens were not included in these
shear tests since they were previously tested by Aliaari (2005). The results of the brick
infill panel shear tests performed by Aliaari (2005) are summarized in Table 3.3. The
HCT wall panels were very brittle and several of these specimens broke during handling
in the laboratory. The remaining HCT wall panels were used for the destructive shear
tests, however, HCT infill walls were not included in the parametric test program
performed on the two-bay, three-story test frame.
During the first series of destructive shear test, an undetected error occurred with the
data acquisition system. Unfortunately, valid data was not obtained for the remainder of
the destructive shear tests. As a result, the thickness of the fuse elements to be used for
each of the structural fuse system tests had to be chosen based on the data from the
destructive shear tests performed by Aliaari (2005). To compensate for the loss of data
from the initial series of destructive shear tests, the masonry infill walls used in the
parametric tests were reused for additional destructive shear tests after the completions
of the structural fuse system testing program.
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Table 3.3: Brick infill wall shear test results from Aliaari (2005)
Specimen
1
2

Test Time (sec.)
22.3
24.3

Capacity (kip)
22.3
24.3

3.4.2 Test Set-Up and Equipment

The test set-up for the destructive shear tests, pictured in Figure 3.25, was similar to the
configuration used by Aliaari (2005) for the brick infill wall shear tests, shown in Figure
3.26. The tests were performed on the same reinforced concrete test platform used for
the cyclic and parametric tests. Incrementally increasing, displacement-controlled loads
were applied to each test specimen until failure, using an Enerpac, RRH-606 hydraulic
cylinder attached to the steel reaction frame.
The load was applied 4 in. below the top of each wall specimen. This location
coincided with the placement of the structural fuse mechanism during the cyclic and
parametric tests. During these tests, hydraulic flow was supplied to the load jack using
an Enerpac hydraulic pump with a 10,000 psi capacity. A manual, two-button, push and
pull, controller was used to regulate the hydraulic pressure supplied to the hydraulic
cylinder by the pump. The controller and pump used during the shear tests are shown in
Figure 3.27. A pressure control valve was attached to the 10,000 psi hydraulic hoses to
help regulate the amount of hydraulic flow supplied to the loading jack with each push
of the button on the manual controller.
The masonry wall specimens were prevented from sliding along the test platform by a
steel angle which was bolted into the concrete on the opposite side of the wall specimen
as the loading jack. Rubber shims were placed between the wall specimens and the
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steel angle to prevent localized crushing and failure of the infill walls. Two 1/2 in. dia.,
Grade B7 threaded steel rods, one on either side of the wall specimen, were used to hold
the wall in place and prevent overturning. The steel rods were threaded into coupler
anchors imbedded into the concrete test platform. A steel bearing plate with holes large
enough to accommodate the 1/2 in. dia. rods was placed on top of the masonry wall.
Bolts were threaded onto the 1/2 in. dia. rods to hold the steel bearing plate in place and
prevent the wall specimens from rotating during the tests. A rubber shim was placed
between the bottom of the steel plate and the top of masonry wall for cushioning. For
the second series of destructive shear tests, which were performed after the cyclic and
parametric testing programs, a steel shim plate was placed between the top of the wall
and the steel bearing plate. Steel roller bars and synthetic lubricant were placed
between the two steel plates to limit friction between the top of the wall and bearing
plate.
3.4.3 Instrumentation

During the shear tests, the load applied to the infill wall specimens was measured using
a pressure transducer attached to the load jack. The displacement of the stroke of the
cylinder was measured using two linear string potentiometers. The potentiometers were
attached to perforated steel angles clamped to the reaction frame using steel c-clamps.
The ends of the potentiometer strings were attached to a thin steel plate which was
secured to the stroke of the hydraulic cylinder. The instrumentation used during the
destructive shear tests is shown in Figure 3.28. The load and displacement data was
recorded at 10 samples/sec with the data acquisition system shown in Figure 3.29, using
LabVIEW software.
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3.4.4 Test Procedure

At the start of each test the wall panel specimen was positioned on the test platform in
front of the loading jack. The steel bearing plate used to hold the wall in place during
the test was placed on top of the specimen and secured using bolts threaded onto the 0.5
in. diameter steel rods until they were snug against the steel plate. Rubber shims were
placed between the wall specimen and bearing surfaces to prevent localized failure of
the masonry material. The stroke of the load cylinder was then advanced until it was
touching the masonry wall panel.
To begin the test, the data acquisition software was started and incrementally
increasing, displacement-controlled loads were applied to the specimen using the
manual controller. The test was continued until failure of the wall panel was achieved.
A test matrix of the second series of destructive shear tests performed after the cyclic
and parametric test programs were completed is given in Table 3.4.

Figure 3.25: Destructive shear test set-up
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Figure 3.26: Shear test set-up used by Aliaari (2005)

Figure 3.27: Enerpac electric hydraulic pump and manual controller
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Pressure Transducer

Potentiometer
Potentiometer

Figure 3.28: Instrumentation set-up for the destructive shear tests

Table 3.4: Masonry wall panel test matrix

Figure 3.29: Data Acquisition System

Specimen

Material

W1

AAC

W2

AAC

W3

AAC

W4

AAC

W5

CMU

W6

CMU

W7

CMU

W8

CMU

W9

HCT

W10

HCT
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3.5 Masonry Prism Tests
3.5.1 Test Objectives

Masonry prism tests were performed on CMU and HCT prism specimens to determine
the compressive strength of these materials. The guidelines outlined in ASTM standard
C 1314 – 03b, “Standard Test Method for Compressive Strength of Masonry Prisms”
(2004) were used as the control parameters for these tests. The prism specimens were
constructed by professional masons at the same time as the masonry infill walls that were
used in the parametric testing program. AAC prism specimens were also constructed;
however, these were destroyed during handling in the laboratory and could not be tested.
To compensate for this loss of data, the results of masonry prism tests performed on AAC
prism specimens by another researcher at the BERL test facility are reported in Chapter 4
along with the results from the prism test performed on the CMU and HCT specimens.
The AAC prism tests were performed by Pennsylvania State University graduate student
Steve Grossenbacher during the same time period as the structural fuse system testing
program. The AAC used in these prism tests was the same type as that used in this study.

3.5.2 Test Set-Up and Equipment

The CMU and HCT masonry prism tests were performed on a Tinius Olsen load frame at
the BERL test facility. A picture of one of the CMU prism specimens seated on the load
frame is shown in Figure 3.30. Figure 3.31 shows the load frame with a HCT prism
specimen in place. A total of seven prism specimens were tested including two CMU
prisms with the voids oriented in the vertical direction, two HCT prisms with the cells
oriented in the horizontal direction, and three HCT specimens with the cells oriented in
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the vertical direction. The CMU prism specimens and two of the HCT specimens with
the cells oriented in the vertical direction were capped using a high strength gypsum
plaster, in order to provide plane bearing surfaces for testing. The capping procedure was
performed in accordance with the guidelines provided in the “Standard Practice for
Capping Concrete Masonry Units, Related Units and Masonry Prisms for Compression
Testing” provided in ASTM C 1552 – 03a (2004).

3.5.3 Test Procedure

To begin each of the prism tests, the specimen was placed on the lower platen of the load
frame with both centroidal axes aligned with the center of thrust of the load apparatus. A
steel bearing plate was placed on top of the prism specimen. For the CMU prism tests,
the upper platen was spherically seated as recommended by ASTM C 1314 – 03b (2004).
The HCT prism specimens were too tall to fit in the load frame with the spherical seat in
place. For these tests the upper platen of the load frame rested directly on the top steel
bearing plate.
After positioning the prisms in place on the load frame, the top platen of the load frame
was lowered onto the prism using a manual-controlled press. The compressive load was
then applied at a rate of about 0.001 in./sec using the manual-controlled mechanical
press. The load was applied at a relatively constant rate until failure of the masonry
prism occurred. During the test, the compressive load applied to the prism specimens
was read from a dial gauge mounted to the load frame. Table 3.5 shows a test matrix of
the masonry prism tests.
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Figure 3.30: CMU prism specimen

Figure 3.31: HCT prism specimen on Tinius Olsen load frame
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Table 3.5: Masonry prism test matrix

Specimen

Material

Void Orientation

Bearing

P1

CMU

Vertical

Capped

P2

CMU

Vertical

Capped

P3

HCT

Horizontal

Uncapped

P4

HCT

Horizontal

Uncapped

P5

HCT

Vertical

Capped

P6

HCT

Vertical

Capped

P7

HCT

Vertical

Uncapped

3.6 Cyclic Testing Program
3.6.1 Overview

A test program was performed on the two-bay, three-story steel test frame to evaluate the
performance of the structural fuse system under cyclic loading. In this test series, quasistatic, displacement-controlled loads were applied at each story level of the test frame
with brick infill walls and lumber disk fuse elements in place. Before these tests were
performed, several bare frame tests were completed on the test frame without fuse
elements to determine an appropriate method for applying simultaneous loads at each
story level. The quasi-static loading history used for the cyclic tests was based on the
generic loading protocol proposed by Krawinkler (1992). Monotonic tests were
performed on the test frame with the structural fuse elements and brick infill wall
specimens to determine the appropriate parameters to use for the generic loading
protocol. A test matrix of the cyclic testing program is shown in Table 3.6. Diagrams of
each test configuration are given in Figure 3.32.
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3.6.2 Bare Frame Tests (BFMT/BFCT)

Bare frame tests were performed on the two-bay, three-story test frame without the fuse
elements in place so that there was no load transfer between the steel test frame and the
masonry infill walls. Incrementally increasing, displacement-controlled loads were
applied to the bare frame, which was able to deflect without the influence of the masonry
infill walls. These tests were performed using both monotonic and cyclic loading
histories. As shown in Figure 3.32, the full-brace frame configuration was used for the
bare frame tests, with all of the diagonal X-bracing rods in place on the test frame.
3.6.2.1 Test Objectives

The purpose of the bare frame tests was to find a suitable method for applying
simultaneous, displacement-controlled loads at each story level of the test frame. The
goal was to develop a load application procedure which would result in a first mode,
inverted triangular displacement shape in the test frame. Several iterations of the bare
frame tests were performed until the desired test frame response was achieved.
3.6.2.2 Test Set-Up and Equipment

During these tests, loads were applied to the test frame using three Enerpac, model RRH606 hydraulic, hollow plunger cylinders mounted to the steel reaction frame at each story
elevation, as shown in Figure 3.2. In the initial bare frame tests, hydraulic pressure was
supplied to the three cylinders by a single hydraulic pump. The hydraulic flow provided
to the loading jacks was controlled using a separate pressure control valve for each
cylinder. A picture of one of the control valves used for these tests is shown in Figure
3.33.
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After several unsuccessful attempts at producing an inverted triangle displacement shape
by adjusting the hydraulic flow to each cylinder using the control valves, two hydraulic
pumps were used. For these tests, the cylinder at the third story elevation was connected
to one of the hydraulic pumps, and the cylinders at the first and second stories were
connected to the second pump.
As with the single hydraulic pump set-up, the two-pump configuration did not provide
adequate control of the hydraulic flow supplied to each of the cylinders. In order to have
independent control of the displacement history at each story level, three hydraulic
pumps were used with a separate pump connected to each cylinder. A manually operated
pump was used to control the cylinder at the first story, while electric pumps were used
for the cylinders at the second and third stories. The hydraulic pumps connected to the
loading jacks at the first, second, and third stories of the test frame are shown in Figures
3.34, 3.35, and 3.27, respectively.
The stroke displacement of each hydraulic cylinder was controlled manually. The
pressure supplied by the hydraulic pumps to the cylinders at the second and third story
levels was controlled using push button controllers with advance and retract switches.
The hydraulic pressure supplied to the cylinder located at the first story of the test frame
was controlled by a manually operated lever arm that could be switched between the
advance and retract directions.
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3.6.2.3 Instrumentation

The load applied to the test frame by the hydraulic cylinders at each story elevation was
measured using pressure transducers. For the monotonic bare frame tests, one pressure
transducer was connected to each cylinder. For the cyclic bare frame tests, two
transducers were attached to each loading jack. During the cyclic tests, one transducer
measured the hydraulic pressure applied in the advance direction while the second
transducer measured the pressure in the retract direction. The pressure transducers were
connected to meter boxes which read the signal from the transducers and fed the
information to the data acquisition system.
The displacement of the test frame was measured using a total of six linear string
potentiometers. Two potentiometers were located at each story level, with one
potentiometer on either side of the test frame. The data from the two potentiometers was
averaged to determine the displacement history at each story level during the tests.
Figure 3.36 shows the instrumentation used to measure the load and displacement at each
story location. The load and displacement data was recorded with the data acquisition
system shown in Figure 3.37 using LabVIEW software. For the bare frame monotonic
tests, data was collected at 10 samples/sec. Data was collected at 100 samples/sec during
the bare frame cyclic tests. A diagram of the instrumentation set-up for the bare frame
tests is given in Figure 3.38.
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3.6.2.4 Test Procedure

Before the start of each test, the test frame was plumbed and the diagonal X-brace rods
were tightened. To begin each test, the data acquisition was started using the LabVIEW
software. Displacement-controlled loads were then applied with a slow rate at each story
level, using the manually controlled hydraulic pumps. For the monotonic bare frame
tests, incrementally increasing loads were applied in the advance direction only. During
the cyclic bare frame tests, load was applied in the advance and retract directions using
the quasi-static load protocol proposed by Krawinkler (1992). For both the monotonic
and cyclic tests, a metronome was used to ensure a uniform load. In order to avoid
yielding the diagonal bracing rods, the tests were stopped before the third story
displacement exceeded 1.4 in.
During the bare frame tests, the displacements at the first and second stories of the test
frame were based on an inverted triangle, first mode displacement shape. In order to
achieve the desired story displacement ratios, the target second story displacement was
set equal to two-thirds of the third story displacement, while the target first story
displacement was equal to one-third of the third story displacement. The LabVIEW
software was set up to display real-time displacement data so that the operators of the
manually controlled hydraulic pumps could maintain the correct relative story
displacements.
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Figure 3.32: Pressure control valve

Figure 3.33: Enerpac manually operated
hydraulic pump

Figure 3.34: Simplex electric hydraulic pump
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Potentiometer
Pressure Transducers

Figure 3.35: Instrumentation

Figure 3.36: Data acquisition system
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Figure 3.37: Instrumentation schematic for bare frame tests
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3.6.3 Monotonic Tests with Fuse Elements (FBMT)

Monotonic tests were performed on the two-bay, three-story test frame with the brick
infill wall specimens and lumber disk fuse elements. As shown in Figure 3.32, the
lumber disk fuse elements were installed at the fuse mechanism locations on the right
hand side of all six bays of the test frame. The fuse element thicknesses used at each
story level during the two full-brace monotonic tests are given in Table 3.6. For these
tests, incrementally increasing, displacement-controlled loads were applied at each story
level in order to induce a first mode, inverted triangle deflection shape in the test frame.

3.6.3.1 Test Objectives

The main objective of the monotonic tests was to determine the appropriate parameters to
use for the quasi-static loading protocol. Specifically, these tests were performed to
determine the yield value of the deformation control parameter, δy, and the increment in
peak deformation, Δ, to be used for the cyclic tests. The parameters are discussed in
sections 2.10 and 4.5.3.3 of this thesis. These tests were also performed to verify that an
inverted triangle displacement shape could be achieved with the three-pump set-up used
for the bare frame tests.

3.6.3.2 Test Set-Up and Equipment

Three Enerpac hydraulic cylinders controlled by three separate hydraulic pumps were
used to apply the displacement-controlled loads at each story level of the test frame. The
hydraulic pumps used during the bare frame tests were also used for the full-brace
monotonic tests. As with the bare frame tests, a manually operated lever arm was used to
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control the hydraulic flow to the cylinder at the first story, while two-button, manual
controllers were used to control the pressure delivered to the cylinders at the second and
third stories. Pressure control valves connected to each of the hydraulic circuits were
used to regulate the amount of pressure supplied to each individual loading jack.
For test FBMT1, three different lumber disk fuse thicknesses were used including 1.0 in.
disks at the first story, 0.75 in. disks at the second story, and 0.5 in. disks at the third
story. In Test FBMT2, 0.5 in. fuse elements were used at every story level. The lumber
disk fuse elements were mounted in the fuse mechanism as shown in Figure 3.39. For
both of these tests the frame was in the full-brace configuration with all of the diagonal
X-bracing rods in place.

3.6.3.3 Instrumentation

As with the bare frame tests, the displacement of the steel test frame at each story level
was measured using linear string potentiometers. Two potentiometers were mounted at
each story level, with one potentiometer on either side of the test frame, using perforated
steel angles secured to the steel reaction frame. The load applied by the hydraulic
cylinders during the tests was measured using pressure transducers connected to each of
the loading jacks. One pressure transducer was used at each hydraulic cylinder, since the
load was applied in only one direction.
The shear forces transferred from the steel test frame to the infill panels through the
structural fuse elements were measured using two strain gages mounted to each of the
0.88 in. diameter punching rods as shown in Figure 3.23. The gages were connected to
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the data acquisition system using a quarter-bridge configuration, shown in Figure 3.24.
Bending in the rods was accounted for by averaging the readings from the two gages.
During these tests, data was collected at 100 samples/sec with LabVIEW software and
the same data acquisition system used for the bare frame tests, shown in Figure 3.37. A
diagram of the instrumentation set-up used for the full-brace monotonic tests is given in
Figure 3.40.

3.6.3.4 Test Procedure

After plumbing the steel test frame and tightening the diagonal X-braces, the lumber disk
fuse elements were installed in the steel seat disks at the fuse mechanism locations. The
steel punching rods were threaded toward the fuse elements until they were snug against
the lumber disks, as shown in Figure 3.39. The strain gage circuits were then connected
to the data acquisition system and balanced using the shunt resistor and the gage
calibration data provided by the manufacturer. After starting the data acquisition system
with LabVIEW, incrementally increasing loads were applied in the advance direction at a
slow displacement rate, using the manually controlled hydraulic pumps. The load applied
at the third story was regulated using a metronome to ensure a uniform load rate, while
the loads applied at the first and second stories were based on the relative story
displacement ratios required for an inverted triangle, first mode frame deflection shape.
The tests were stopped before the displacement at the third story reached approximately
1.4 in.
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Figure 3.38: Lumber disk fuse element installed in the fuse mechanism

Figure 3.39: Instrumentation schematic for full brace monotonic tests
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3.6.4 Cyclic Testing with Brick Infill Walls and Fuse Elements (FBCT/HBCT)

Cyclic testing of the two-bay, three-story steel frame with brick masonry infill walls and
lumber disk fuse elements was performed using a quasi-static, displacement-controlled
loading protocol to induce a first mode response in the test frame. The loads were
applied with hydraulic cylinders located at the first, second, and third story locations.
Two bracing configurations were tested including full-braced and half-brace, in order to
observe the performance of the structural fuse system with both stiff and flexible
structural frames. Different fuse element combinations were also tested. In some of the
tests, the same fuse element thickness was used at each story level. In other tests,
different fuse element thicknesses were used at each story level.

3.6.4.1 Test Objectives

The purpose of the cyclic testing program was to evaluate the structural fuse system for
use as a seismic isolation system by applying quasi-static, displacement-controlled loads
to the steel test frame in both in-plane directions. In previous tests performed by Aliaari
(2005), the in-plane behavior of the structural fuse system was studied using the same test
frame, with brick infill walls and lumber disk fuse elements. In this study, monotonically
increasing, displacement-controlled loads were applied at the top story of the test frame
using a hydraulic cylinder. During these tests, the in-plane lateral loads were increased
until the shear forces transferred from the steel test frame to the brick infill panels at each
story level reached the capacity of the lumber disk fuse elements. At this point, the
lumber disk fuses broke and isolated the infill walls from the steel frame before damage
occurred to the masonry material. This study showed that the structural fuse system
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worked well as a seismic isolation system, however, an experimental evaluation of the
performance of the system under cyclic loading was not performed.
In the tests performed by Aliaari (2005) the story forces at each level of the test frame
were the same magnitude, since the displacement-controlled load was applied at the top
story only. During actual seismic events, however, structural building frames experience
inertial loads along the entire height of the structure, resulting in various story force
distributions depending on the dominant mode shape. For masonry structures, the
dominant mode shape is typically the first mode response which is characterized by an
inverted triangle load shape (Tomazevic and Kelmenc, 1997). The objective of the cyclic
test program was to apply displacement-controlled loads at each story level in order to
mimic a first mode response in the test frame in both in-plane directions. This loading
protocol was used in previous cyclic tests performed on masonry structures and is
recommended by several researchers including Tomazevic and Klemenc (1997) and
Gostic and Zarnic (1999).

3.6.4.2 Test Set-Up and Equipment

As with the bare frame monotonic tests, the cyclic testing program was performed on the
two-bay, three-story steel test frame with the brick infill wall specimens and lumber disk
fuse elements. Displacement-controlled loads were applied at each story level using
Enerpac model RRH-606 hydraulic, hollow plunger cylinders. Each cylinder was
connected to a separate hydraulic pump. The same hydraulic pumps used in the bare
frame and full-brace monotonic tests were used for the cyclic tests with fuse elements.
The hydraulic flow supplied to the cylinders at the second and third story elevations was
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controlled using two-button, manual controllers, while the flow to the cylinder at the first
story was controlled by a manually operated lever arm. Pressure control valves were
incorporated in the hydraulic circuits to regulate the flow rate to each cylinder.
For these tests, lumber disk fuse elements were installed in the steel seat disks of the fuse
mechanisms on both sides of the brick infill panels, in each bay. As shown in Table 3.6,
different fuse element thicknesses were used during these tests. For tests FBCT1,
FBCT2, HBCT1, and HBCT2, 1.0 in., 0.75 in., and 0.5 in. disks were placed at the first,
second, and third story levels, respectively. For tests FBCT3 and FBCT4, 0.5 in. thick
disks were used at every story level. The bracing configuration was also varied during
the cyclic testing program. For tests FBCT1, FBCT2, FBCT3, and FBCT4, the full-brace
configuration was used with all of the diagonal X-bracing rods in place on the test frame.
For tests HBCT1 and HBCT2; a half-brace configuration was used with the bracing rods
installed in only one bay of each story level.

3.6.4.3 Instrumentation

The data collected during the cyclic tests included the load applied by each of the
hydraulic loading jacks, the in-plane deflection of the test frame at each story level, and
the shear forces transferred from the frame to the brick infill walls through the individual
fuse elements. Two pressure transducers were attached to each of the hydraulic cylinders
to measure the load applied at each story level of the test frame in both in-plane
directions. As with the other tests performed on the two-bay, three-story test frame, the
displacement at each level was measured using two linear string potentiometers mounted
to the reaction frame at each story, with one on either side of the test frame.
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The forces transferred through each fuse element during these tests were measured using
two strain gages mounted to the 0.88 in. diameter, half-threaded steel punching rods at
each fuse mechanism location. Due to the limited amount of channels available in the
data acquisition system, some of the gages were connected using a quarter-bridge
configuration, while others where hooked up in a half-bridge configuration. For the halfbridge configuration, both gages on an individual steel rod were connected using the
same circuit, as shown in Figure 3.41. In this configuration the strain readings from the
two gages were automatically averaged. For the quarter-bridge configuration, the data
from the two gages on each rod was averaged during post processing to eliminate the
effects of bending in the rod. The pressure transducers, linear potentiometers, and strain
gages were connected to the data acquisition system shown in Figure 3.37. During each
test, data was collected at 100 samples/sec using LabVIEW software. Figure 3.42 shows
a diagram of the instrumentation set-up used during the cyclic tests.
3.6.4.4 Test Procedure

At the start of these tests, the diagonal X-bracing rods were installed on the two-bay,
three-story test frame in either the half-brace or full-brace configuration. After the test
frame was plumbed, the steel bracing rods were tightened and the lumber disk fuse
elements were installed at each fuse mechanism location. The steel punching rods were
then threaded snug against the lumber disks and the strain gage circuits were hooked up
and balanced. After starting the data acquisition system using LabVIEW, displacementcontrolled loads were applied at each story level of the test frame with the same quasistatic loading protocol used for the bare frame cyclic tests. The displacement at the third
story of the test frame was applied using a metronome to ensure a steady load rate, while

138
the displacements at the first and second story levels were based on the inverted triangle
frame deflection shape.

Figure 3.40: Half-bridge strain gage circuit

Figure 3.41: Instrumentation schematic for full brace cyclic tests
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3.7 Parametric Testing Program

A parametric test program was completed to investigate the behavior of the structural
fuse system with various masonry infill materials including CMU and AAC masonry
units. The HCT infill wall panels were not included in the parametric testing program
since these specimens had very low in-plane strength and were damaged during handling
in the lab. In this study, several of the structural fuse system tests performed by Aliaari
(2005) on brick infill panels were repeated using the CMU and AAC wall panels. For
these tests, monotonic, displacement-controlled loads were applied at the third story of
the two-bay, three-story test frame. The variables for these tests included the bracing
configuration as well as the type of fuse element used at each story level. A test matrix
for the parametric study is given in Table 3.7. A diagram of each test set-up is shown in
Figure 3.43.

3.7.1 Test Objectives

The purpose of the parametric testing program was to evaluate the performance of the
structural fuse system for use with various masonry materials. In order for the structural
fuse mechanism to behave as a seismic isolation system, the fuse element must break and
disengage the masonry material from the structural frame before damage occurs to the
infill wall. The strength of the fuse must be calibrated so that its capacity is safely below
the in-plane capacity of the infill wall material. The objective of these tests was to show
that the fuse system allows the masonry infill panels to participate in the lateral load
resistance of the frame up, to a predefined load, but prevents damage to the masonry
walls at higher levels of lateral load.
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Table 3.6: Test matrix of the parametric testing program
Test

Masonry
Material

Description

CMUT1
CMUT2
CMUT3
CMUT4
CMUT5
CMUT6
AACT1
AACT2
AACT3
AACT4
AACT5
AACT6

CMU
CMU
CMU
CMU
CMU
CMU
AAC
AAC
AAC
AAC
AAC
AAC

Fully braced, with fuse elements
Fully braced, with fuse elements
Fully braced, with fuse elements
Fully braced, with fuse elements
Half braced, with fuse elements
Half braced, with fuse elements
Fully braced, with fuse elements
Fully braced, with fuse elements
Fully braced, with fuse elements
Fully braced, with fuse elements
Half braced, with fuse elements
Half braced, with fuse elements

Fuse Element Thickness (in.)
1st
2nd
3rd
Story
Story
Story
0.875
0.75
0.5
0.875
0.75
0.5
0.5
0.5
0.5
0.5
0.5
0.5
0.875
0.75
0.5
0.875
0.75
0.5
0.75
0.5
0.25
0.75
0.5
0.25
0.25
0.25
0.25
0.25
0.25
0.25
0.75
0.5
0.25
0.75
0.5
0.25

Figure 3.42: Test frame configurations for the parametric testing program.
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3.7.2 Test Set-Up and Equipment

In this testing program, displacement-controlled loads were applied at the top story of the
two-bay, three-story test frame using a Enerpac model RRH-606 hydraulic, hollow
plunger cylinder attached to the steel reaction frame at the third story elevation. The
hydraulic flow was supplied to the cylinder using an electric, hydraulic pump controlled
by a manually operated, two button controller. A pressure control valve attached to the
hydraulic circuit was used to regulate the hydraulic flow.
Fuse elements of varying thickness were installed at the fuse mechanism locations on the
compression side of each bay of the test frame. For tests CMUT1, CMUT2, CMUT5,
and CMUT6; a different disk thickness was used at each story level including 0.875 in.,
0.75 in., and 0.5 in. disks at the first, second, and third stories, respectively. For tests
CMUT3 and CMUT4, 0.5 in. fuse elements were used at each story. For tests AACT1,
AACT2, AACT5, and AACT6, disk thicknesses of 0.75 in., 0.5 in., and 0.25 in. were
used at the first, second, and third stories, respectively. For test AACT3 and AACT4,
fuse elements with a 0.25 in. thickness were used at each story.
Different bracing configurations were also used during this testing program. For tests
CMUT1-CMUT4 and AACT1-AACT4, the full-brace configuration was used with all of
the diagonal X-braces installed on the test frame. Tests CMUT5, CMUT6, AACT5, and
AACT6 were performed using the half-brace configuration, with the diagonal X-bracing
rods installed in only one bay per story.
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3.7.3 Instrumentation

During each of the parametric tests, the displacement of the test frame was measured
using two linear string potentiometers at each story level. A pressure transducer attached
to the hydraulic cylinder was used to measure the load applied at the top of the test frame.
Strain gages were not used for these tests as discussed in section 4.6.1 of this thesis. The
same data acquisition system used for the cyclic testing program was used for the
parametric tests. Data was collected at 100 samples/sec using LabVIEW software. A
diagram of the instrumentation for these tests is given in Figure 3.44.

3.7.4 Test Procedure

After putting the masonry infill wall specimens in place on the test frame, the diagonal Xbracing rods were installed. At the beginning of each test, the test frame was plumbed
and the bracing rods were tightened. The fuse elements were then placed in the steel seat
disks at the fuse mechanism locations, and the steel punching rods were threaded snug
against the lumber disks. After starting the data acquisition system using LabVIEW,
incrementally increasing, displacement controlled load was applied at the top of the test
frame, using the manually operated controller. A metronome was used to keep a steady
pace and maintain a uniform load rate. The tests were stopped before the deflection at
the top story of the frame reached 2.0 in.
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Figure 3.43: Instrumentation schematic for the parametric testing program
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Chapter 4 - Results and Discussion
4.1 Overview

An experimental program was completed to study the behavior of the structural fuse
system under cyclic loads, and to test the performance of this system with various
masonry materials. This program included several series of tests including lumber disk
fuse element compression tests; masonry wall panel shear tests; masonry prism tests; inplane cyclic tests of a two-bay, three-story steel frame with brick infill panels using
quasi-static loads; and in-plane, monotonic tests performed on the same test frame with
various types of masonry materials. The results of this research program, which is
described in detail in Chapter 3 of this thesis, are presented and discussed below. In this
chapter, a summary of each experimental series is provided, and the data obtained during
each of these tests is presented using tables and graphs.

4.2 Lumber Disk Fuse Element Puncture Tests
4.2.1 Lumber Disk Puncture Test Summary

The lumber disk puncture tests were performed to determine the capacities of the hard
maple, lumber disk fuse elements used during the structural fuse system testing program.
Two series of lumber disk puncture tests were completed as part of this research program.
In the initial series of tests, the strengths of twelve lumber disk specimens of varying
thickness, including 0.5 in., 0.75 in., 1.0 in., and 1.5 in. were evaluated. Three disks of
each thickness were tested. These specimens are shown in Figure 4.1. The objective of
these tests was to determine the appropriate fuse element thickness to use with each type
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of masonry material included in the structural fuse system testing program. The results
of these tests are presented and discussed below.
During the structural fuse system testing program, the fuse elements used for the cyclic
and monotonic tests performed on the two-bay, three-story test frame were cut from
several hard maple lumber boards. To determine the variability in the strength and
behavior of the fuse elements cut from the different boards, lumber disk specimens were
set aside and tested in a second series of lumber disk puncture tests. The results of these
tests are presented in Appendix A.
The lumber disk puncture tests were performed using an Instron Model 1350 load frame
to apply a displacement-controlled load at a rate of 0.002 in./sec at the center of the disk
specimens. The data collected during the tests included the load and displacement history
as well as the strain in the steel rod used to apply the punching force to the center of the
lumber disks. During these tests, data was collected at 10 samples/sec and averaged in
one sec increments during post processing.

Figure 4.1: Disk specimens tested in the first series of puncture tests
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4.2.2 Puncture Test Observations

The twelve lumber disk specimens tested in the initial series of fuse element puncture
tests had similar behavior and failure mechanisms. Figure 4.2 shows load being applied
to one of the 1.5 in. thick disk specimens during the lumber disk puncture tests. The
behavior observed during these tests is described below.
At the start of each test, compressive load was applied to the center of the test specimen,
and the steel rod began to punch through the center of the disk. As the stroke
displacement of the MTS load frame was increased, rod shear punching continued, and
the load resisted by the disk increased at a linear rate. Once the load reached the elastic
limit of the test specimen, a major crack developed at the underside of the lumber disk
parallel to the direction of the wood grain. The crack was caused by bending stresses
along the longitudinal axis of the wood. The formation of the crack was accompanied by
a loud snapping sound and an immediate drop in the load resisted by the disk specimen.
The first major crack in the lumber disk test specimen marked the transition into the
second stage of load-deflection behavior. This transition occurred at a different load
level depending on the thickness of the lumber disk. During the second stage of
behavior, following the drop in load resistance caused by the formation of the crack, the
load resisted by the lumber disk specimen increased as the MTS stroke displacement
continued. This recovery of load carrying capacity was attributable to the confining
action of the steel seat disk. The increase in load resistance during the second stage of
behavior occurred at a slower rate, and was nonlinear due to the combined failure modes
of shear punching and bending in the lumber disks.
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Figure 4.2: Puncture test on 1.5 in. disk specimen

As the puncture test continued, the width of the initial crack increased, and additional
cracks developed on the bottom and top of the lumber disk parallel to the grain of the
wood. Vertical and inclined cracks also formed in the specimen due to the combination
of bending and punching action. Eventually a strip of wood at the middle of the disk
started to separate from the rest of the disk. The middle strip was wider at the bottom
than the top. As the stroke displacement increased, the middle strip continued to separate
from the rest of the disk until the peak load was reached. The failure of the disk
specimen was accompanied by loud cracking noises and a sharp decline in load
resistance. The test was stopped when the load dropped to around 500 lb.
For the puncture tests performed on the thinner disk specimens, there was a short period
of shear punching before the initial crack formed and bending became the predominant
failure mode. For the thicker disks, there was a longer period of punching action before
the bending failure mechanism was initiated. Figures 4.3 – 4.6 illustrate the failures
observed in the 0.5 in., 0.75 in., 1.0 in. and 1.5 in. disk specimens, respectively.
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Figure 4.3: Failure of 0.5 in. disk specimens

Figure 4.4: Shear punching and middle strip failure in 0.75 in. disk specimens

Figure 4.5: Shear punching and middle strip failure of 1.0 in. disk specimens
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Figure 4.6: Failure of 1.5 in. disk specimens

4.2.3 Puncture Test Results

The results of the initial lumber disk puncture tests performed on the twelve disk
specimens of varying thickness are presented in Table 4.1. The data collected during
these tests was averaged at one sec intervals to eliminate incidental noise picked up by
the data acquisition system. The properties and peak load capacities of the twelve disk
specimens are summarized in Table 4.1. The peak capacities of each disk specimen are
shown graphically in Figure 4.7. The average capacities of the 0.5 in., 0.75 in., 1.0 in.,
and 1.5 in. disks were 2396 lb, 4297 lb, 4945 lb, and 8330 lb, respectively, as shown in
Figure 4.8. With the exception of the 0.5 in. disk specimens, the coefficient of variation
for each disk thickness was below 10%. A graph showing the relationship between disk
thickness and capacity is given in Figure 4.9. Figures 4.10-4.13 show the load-deflection
plots for the 0.5 in., 0.75 in., 1.0 in. and 1.5 in. specimens, respectively.
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Figure 4.10: Load-deflection relationship for 0.5 in. disk specimens
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Figure 4.11: Load-deflection relationship for 0.75 in. disk specimens
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Figure 4.12: Load-deflection relationship for 1.0 in. disk specimens
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Figure 4.13: Load-deflection relationship for 1.5 in. disk specimens

As discussed in Section 3.3.2 of this thesis, two electrical resistance strain gages were
mounted on the steel punching rod used to apply the compression load at the center of the
lumber disk specimens. The purpose of the strain gages was to measure the axial force in
the steel rod during each test. As shown in Figure 4.14, the gages were placed on
opposite sides of the rod so that the effects of bending on the stress distribution in the rod
could be cancelled out.
At the start of each puncture test, the steel punching rod was positioned so that the
compression load was applied evenly at the center of the disk specimens. After the test
was begun and the rod began to punch through the disk specimen, however, the load was
no longer applied uniformly across the face of the steel rod. The eccentricity caused by
the uneven application of the compression load resulted in bending stresses in the steel
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rod in addition to the axial stress. In order to eliminate the effects of bending and
determine the stress in the steel rod due to the applied axial force, the data from the two
strain gages was averaged in post processing.
A plot of the strain measured in the steel rod vs. the load applied by the MTS load frame
during the puncture test on specimen D10 is shown in Figure 4.15. This figure includes
plots of the individual strain gage data, as well as the averaged reading from the two
gages. Also shown in this graph is a plot of the averaged theoretical strains in the rod at
the two gage locations. The theoretical strains at the two strain gage locations are
calculated as follows,
⎛P

M ⎞ 1

⎛P

M ⎞ 1

ε 1 = ⎜⎜ r + r ⎟⎟
S r ⎠ Es
⎝ Ar
ε 2 = ⎜⎜ r − r ⎟⎟
S r ⎠ Es
⎝ Ar

(4.1)

(4.2)

where ε 1, 2 = the theoretical strain in the rod at the two gage locations, Pr= the load applied
to the steel rod, Ar= the cross sectional area of the steel rod (0.608 in.2), Mr= the moment
in the rod due to bending, Sr= the section modulus of the rod, and Es= Young’s Modulus
of steel (29,000 ksi). It can be seen from Equations 4.1 and 4.2 that the effects of
bending in the rod can be cancelled out by averaging the two strain gage readings. The
resulting expression for the strain in the rod due to the applied load is,

εr =

Pr
Es A r

where ε r is the averaged theoretical strain in the steel rod.

(4.3)
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Figure 4.14: Steel punching rod with strain gages mounted on opposite sides
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Figure 4.15: Measured and theoretical strain in steel rod (disk specimen D10)

It can be seen from the plots in Figure 4.15, that bending occurred in the steel punching
rod during the lumber disk puncture test on specimen D10. If bending had not taken
place, and only pure axial stresses were applied to the cross section of the rod, the strains
measured at the two gage locations would have been the same throughout the test. In this
case, the empirical strain vs. load curves shown in Figure 4.15 should both be very
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similar to the linear, theoretical curve plotted in this same figure. These plots, however,
are not linear; instead, they appear to mirror each other about the theoretical curve.
This behavior is consistent with the expected stress distribution resulting from the
combination of bending and axial load. In this case, the moment applied to the steel rod
results in added compression stress on one side of the cross-sectional area and reduced
compression on the other side. The effects of the bending stresses on the strain
measurement, however, were canceled out by averaging the readings from the two strain
gages. In comparing the plots of the averaged, experimentally determined strains and the
theoretically calculated strain, both shown in Figure 4.15, it can be seen that the averaged
empirical strain curve is very similar to the theoretical strain curve.

4.2.4 Discussion

The twelve lumber disk specimens tested in the initial puncture tests showed consistent
behavior. Although the peak disk capacities varied based on the specimen thickness, the
failure mechanism was very similar for each lumber disk. The results obtained from
these tests were consistent with the behavior observed by Aliaari (2005) during similar
lumber disk puncture tests. In the tests performed by Aliiari (2005), the lumber disks
exhibited a ductile failure mechanism which was a combination of shear punching and
bending.
Based on the results of these tests, it was concluded that the lumber disks are a good
choice for the structural fuse element, due to their ductile failure mechanism and low
variability in behavior and capacity. In addition, the disks are simple to manufacture and
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are made from a material that is easy to obtain. During the puncture tests, it was
observed that the averaged strain measured in the steel punching rod using two strain
gages mounted to either side of the rod, was very similar to the theoretical strain
calculated using Equation 4.3. Rearranging Equation 4.3 to solve for the load applied to
the steel rod as a function of the empirically measured strain results in the following
expression:
Pr = ε r E s Ar

(4.4)

During the cyclic tests performed on the two-bay, three-story steel test frame, this
formula was useful for determining the force applied by the steel punching rods to the
lumber disk fuse elements.
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4.3 Masonry Wall Panel Shear Tests
4.3.1 Wall Panel Shear Test Summary

Destructive shear tests were performed on AAC, CMU, and HCT wall panels to
determine the in-plane shear strength of the masonry infill wall specimens used in the
structural fuse system testing program. The wall panel specimens were built by
professional masons at the same time as the masonry infill walls used for the cyclic and
monotonic tests performed on the two-bay, three-story steel test frame.
The initial series of destructive shear tests was performed 2 months after the construction
of the wall panels. An undetected data acquisition error occurred during these tests,
resulting in a loss of data for all but one of these experiments. A second series of shear
tests was performed after the completion of the structural fuse system testing program.
These tests were performed on the same wall panel specimens used for the monotonic
tests, and were completed 9 months after the construction of the wall panels.
The destructive shear tests were performed on the reinforced concrete foundation
platform in the BERL test facility. In-plane, monotonically increasing loads were applied
near the top of the wall specimens using a hydraulic cylinder attached to the steel reaction
frame shown in Figure 4.16. The load was applied at a steady rate of between 0.0023
in./sec and 0.0068 in./sec using a manual controller, until failure of the wall specimen
occurred. During the shear tests, the hydraulic pressure in the cylinder was measured
using a pressure transducer attached to the cylinder. The pressure data was scaled by the
data acquisition system using the relationship:
Fc = Pc Aec

(4.5)
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where Fc= the force applied by the cylinder (lb), Pc= the hydraulic pressure measured by
the transducer (psi), and Aec= the effective area of the cylinder in the advance direction
(12.73 in.2).
The stroke displacement of the cylinder was measured during these tests using two linear
string potentiometers mounted to the steel reaction frame and attached to a thin steel plate
secured to the stroke of the cylinder. The readings from the two potentiometers were
averaged during post processing of the data. During the tests, data was collected at 10
samples/sec. The data was average in 1 sec intervals in post processing to eliminate
noise.

Figure 4.16: Experimental set-up for the masonry wall panel shear tests
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4.3.2 Wall Panel Shear Test Observations

During these tests, different failure mechanisms occurred in the AAC, CMU, and HCT
wall panel specimens, however, the same basic behavior was observed for all of the test
specimens. During the first stage of behavior, as incrementally increasing, displacement
controlled load was applied to the wall panel specimen, the wall was pushed tight against
the steel angle bolted to the reinforced concrete test platform behind the test specimen.
This initial movement was due to the compression of the shims and tightening of the test
apparatus. In this stage, the in-plane load resisted by the wall specimen increased slowly.
As the test was continued, the load resisted by the wall panel began to increase at a faster
and more linear rate. This increase in in-plane stiffness marked the transition into the
second stage of load-displacement behavior. During this stage, the slope of the loaddisplacement curve was representative of the actual stiffness of the wall panel specimen.
Eventually, as the stroke displacement of the load cylinder continued to increase, a failure
mechanism was initiated in the wall panel specimen by the formation of cracks in the
masonry material. During this third stage of behavior, the resistance of the wall panel to
the applied load dropped rapidly. The failure mechanisms observed during these tests
were generally very brittle. Failure of the masonry wall panel specimens occurred
simultaneously with the formation of the first major cracks.
An exception to this behavior was observed for two of the AAC wall panel test
specimens, which exhibited a localized crushing failure mode. These specimens
displayed a significant level of load resistance after the peak load was reached. In
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general, however, the wall panels had very low ductility. The various failure mechanisms
observed in each wall panel test specimen are listed in Table 4.2, and discussed below.

Table 4.1: Masonry wall panel shear test failure mechanisms

The AAC wall panel specimens exhibited several types of failure mechanisms including
crushing of the AAC material, shear sliding along a horizontal mortar joint, diagonal
shear cracking through the AAC blocks, multiple diagonal shear cracks, or a combination
of these. The failure mechanism was typically initiated with localized cracking or
crushing of the masonry material at the location of the load application. This was
accompanied by diagonal shear cracking through the masonry blocks, shear sliding at a
horizontal joint, continued crushing of the AAC material, or a combination of these,
resulting in total failure of the wall specimen. In some cases, localized crushing of the
AAC material was also observed at the lower back corner of the panel where it was
restrained from sliding by the steel angle. Figures 4.17– 4.20 show the failure modes
observed in the AAC wall panel specimens.
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The failure mechanisms observed in the CMU wall panels included shear sliding along a
horizontal mortar joint, diagonal shear cracking through the masonry blocks, stepped
cracking with shear sliding along a horizontal mortar joint and tensile cracking of vertical
joints, or a combination of these. For these wall panel specimens, failure typically
initiated in the top horizontal mortar joint just below the location where the load was
applied to the wall by the stroke of the cylinder. The failure of the top mortar joint
usually occurred simultaneously with either diagonal cracking or stepped cracking.
Figures 4.21 – 4.24 show the failure modes observed in each of the CMU wall specimens.
The HCT wall panel specimens demonstrated very brittle behavior. The failure
mechanism observed during the HCT wall panel shear tests consisted of stepped cracking
of the masonry wall panels with shear failure of the horizontal mortar joints and tensile
cracking of the vertical joints. For both of these tests, the mortar joints exhibited very
low bond strength. During the second HCT wall panel test, the failure mechanism was
initiated with a horizontal shear crack through the HCT block at the location where the
load was applied to the test specimen. Other than this local shear crack through the HCT
material, the failure paths observed during these tests were entirely along the mortar
joints of the HCT wall panel specimens, as shown in Figures 4.25-4.28.
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4.3.3 Wall Panel Shear Test Results

The peak load capacities and the in-plane stiffness of the AAC, CMU, and HCT wall
panel specimens are given in Table 4.3. As shown in this table, the average peak
capacities of the AAC, CMU, and HCT wall panels were 12.8 kip, 22.0 kip, and 4.2 kip,
respectively. In the shear tests performed by Aliaari (2005), the average peak capacity of
the brick wall panel specimens was 23.3 kip.

Table 4.2: Masonry wall panel shear tests results

The displacement histories, load-deflection curves, and load histories for the AAC wall
panels shear tests are shown in Figures 4.29, 4.30, and 4.31, respectively. As shown in
Figure 4.29, the displacement histories were slightly different for each of the AAC shear
tests. Although the displacement rate varied from 0.0032 in./sec to 0.0069 in./sec for
these tests, the load was applied at a steady, uniform rate in all cases. The difference in
displacement rate between these tests was due to the use of the manually operated
controller to regulate the hydraulic flow supplied to the load cylinder by the hydraulic
pump. As can be seen in Figure 4.29, the duration of the AAC wall panel shear tests
varied from 167 sec to 500 sec. For each of these tests, the displacement rate was slow
enough to yield valid static test results.
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As shown in Figure 4.30, the load-deflection behavior of the AAC panels from the
beginning of the tests to around 0.5 in. of deflection was not very linear. The slope of the
load-deflection curve in this region is shallow, indicating low stiffness, and corresponds
with the first stage of behavior observed during the shear tests. During this stage the
masonry wall panels slid back against the steel angle as the shims were compressed and
the system tightened due to the applied load from the cylinder. The slope of the loaddeflection curve during this first stage of load-deflection behavior does not represent the
actual stiffness of the AAC wall panels.
At around 0.5 in. of deflection, the AAC wall panel specimens transitioned into the
second stage of load-deflection behavior. As shown in Figure 4.30, the slopes of the
load-deflection curves were more linear during this stage. The in-plane stiffness of the
AAC wall panel specimens was determined by calculating the slope of the loaddeflection curves during this second stage of behavior. As shown in Table 4.3, the
average stiffness of the AAC wall panels was 40.0 kip/in. In one of the shear tests
performed by Aliaari (2005) on a brick wall panel specimen, the slope of the loaddeflection curve was 45 kip/in.
The third stage of load-deflection behavior observed during the AAC wall panel shear
tests began just after the wall panels reached their peak load capacity. For the AAC wall
panel specimens, this transition took place at around 0.75 in. of stroke displacement, and
was marked by the formation of cracks or the initiation of crushing of the AAC material.
The behavior of the AAC wall panels during this final stage varied depending on the
failure mechanism of the wall specimen.
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For the two AAC wall panel specimens that demonstrated a combined diagonal cracking
and shear sliding failure mechanism, the load resistance of the wall specimens dropped
immediately after the peak load capacity was reached. This was the case for AAC wall
specimens W2 and W3, as shown in Figure 4.31. For the AAC wall panel specimens that
exhibited a crushing failure mode, the load resistance of the wall panels dropped less
abruptly. This was observed during the wall panel shear tests on specimens W1 and W4.
As shown in Figure 31, these wall panels continued to resist a significant amount of inplane load even after the peak load capacity was reached.
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Figure 4.17: Stroke displacement histories from the AAC wall panel shear tests

450

170

W1

W2

W3

W4

14000
12000

Load (lb)

10000
8000
6000
4000
2000
0
0

0.2

0.4

0.6

0.8

1

1.2

1.4

Deflection (in.)

Figure 4.18: Load-deflection behavior of the AAC wall panel shear test specimens
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The displacement histories, load-deflection curves, and load histories for the CMU wall
panel shear tests are shown in Figures 4.32, 4.33, and 4.34, respectively. As can be seen
in Figure 4.32, the stroke displacement histories were very similar for all of the CMU
tests. The displacements were applied at a uniform and linear rate of around 0.0025 in./
sec for each test. The duration of the CMU wall panel shear tests varied from 231 to 320
sec.
Similarly to the AAC wall panel shear tests, the CMU wall specimens had a first stage of
load-deflection behavior characterized by low stiffness and a non-linear load-deflection
curve. As can be seen in Figure 4.33, this first stage of behavior occurred between 0 in.
and 0.45 in. of deflection. At around 0.45 in. of deflection the CMU wall panels
transitioned into the second stage of behavior, with a more linear load-deflection
response. The stiffness of the CMU wall panel specimens was calculated by finding the
slope of the load-deflection curves during this stage of behavior. The average stiffness of
the CMU wall panels was 88.7 kip/in., as shown in Table 4.3.
The third stage of behavior for the CMU wall panel specimens began just after their peak
load capacity was reached. This occurred between 0.54 in. and 0.8 in. of deflection,
depending on the wall panel failure mechanism. For all of the CMU wall specimens, the
transition to the third stage of behavior was marked by the initiation of cracking and a
sudden decrease in load resistance. The failure mechanism for CMU wall specimens W6
and W7 was a combination of diagonal shear cracking through the CMU blocks and shear
cracking/sliding along the mortar joints. For wall specimens W7 and W8, the failure
mechanism was cracking and sliding along mortar joints only.
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Figure 4.20: Stroke displacement histories from the CMU wall panel shear tests
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Figure 4.21: Load-deflection behavior of the CMU wall panel shear test specimens
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Figure 4.22: Load histories from the CMU wall panel shear tests

The displacement histories of the two HCT wall panel shear tests were fairly similar, as
shown in Figure 4.35. For both of these tests, the load was applied at a linear, uniform
rate. For the wall panel shear test on HCT wall specimen W9, the displacement
controlled load was applied at a rate of 0.0023 in./sec. The displacement rate for the wall
panel shear test on HCT specimen W10 was 0.0028 in./sec. The duration of both HCT
wall panel shear tests was around 200 sec.
As shown in Figure 4.36, the load-deflection behavior and peak load capacities of the two
HCT wall specimens varied greatly. For HCT wall panel specimen W9, the first stage of
behavior occurred between 0 in. and 0.25 in. of deflection. For specimen W10, stage 1
behavior was observed from the start of the test until the deflection reached 0.35 in. The
stiffness of the two HCT wall panel specimens varied from 9.5 kip/in. for specimen W9,
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to 32.3 kip/in. for specimen W10. The load histories of the two HCT wall panel shear
tests are given in Figure 4.37. As shown in this figure, the peak load resistance of
specimen W9 was 2.18 kip, while the peak capacity for specimen W10 was 6.18 kip. The
failure mechanism observed during both of these tests was failure of the mortar joints
accompanied by a sudden and complete loss of load resistance. The variability in
behavior and ultimate capacity between the two HCT wall panels is attributable to the
poor performance of the mortar joints observed in the HCT wall panels during the shear
tests.
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Figure 4.23: Stroke displacement histories from the HCT wall panel shear tests
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Figure 4.24: Load-deflection behavior of the HCT wall panel shear test specimens
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Figure 4.25: Load histories from the HCT wall panel shear tests
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4.3.4 Discussion

The AAC, CMU, and HCT wall panel specimens included in the masonry wall panel
shear tests demonstrated brittle failure behavior. In the majority of these tests, failure
occurred simultaneously with the formation of the first major cracks. Typically, the
cracks initiated in the top horizontal mortar joint near the location where the load was
applied to the wall specimen.
The predominant failure mechanisms observed during these tests were stepped cracking
in the mortar joints, diagonal shear failure through the masonry material, or a
combination of these. An exception to this behavior was the crushing failure mode
observed in two of the AAC wall panel specimens. In these tests, failure was due to local
crushing of the AAC material, rather than shear failure in the mortar joints or masonry.
The CMU wall panel specimens demonstrated the highest in-plane load resistance; with
an average peak capacity of 22 kip. This is slightly less than the average peak capacity of
23.3 kip observed for the brick wall panels tested by Aliaari (2005). The average peak
capacities of the AAC and HCT wall panels were 12.8 kip, and 4.2 kip, respectively.
Based on the results of the masonry wall panel shear tests, it is clear that masonry infill
panels have significant in-plane stiffness, and should not be treated as non-structural
elements when they are part of a structural frame. In order to prevent brittle failure of the
masonry walls, a design method should be used which limits the maximum shear load on
the wall panels to an acceptable amount based on the in-plane shear strength of the
masonry material.
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4.4 Masonry Prism Tests
4.4.1 Prism Test Summary

Masonry prism tests were completed in order to determine the compressive strength of
the masonry materials used in the structural fuse system testing program. The masonry
prism tests were performed on CMU and HCT prism specimens, constructed by
professional masons at the same time as the masonry infill wall specimens used for the
wall panel shear tests. The prism tests were only performed on CMU and HCT
specimens since the AAC prisms were destroyed during handling in the lab.
The masonry prism tests were performed according to the test procedure outlined in
ASTM standard C 1314-03b (ASTM 2004), using a Tinius Olsen load frame. The
compressive load was applied manually at a rate of 0.001 in/sec. To provide an even
bearing surface, some of the masonry prism specimens were capped according to ASTM
standard C 1552- 03A (ASTM 2004). The prism tests were completed 10 months after
the construction of the CMU and HCT prism specimens.
For the sake of comparison, results from AAC prism tests completed by another
researcher in the BERL test facility are included with the CMU and HCT prism test
results. These tests were performed on the same Tinius Olsen load frame using prism
specimens constructed from the same type of AAC material as the AAC wall panel
specimens used in the structural fuse system testing program. The dimensions and
properties of the masonry prism specimens are given in Table 4.4.
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Table 4.3: Masonry prism specimens

4.4.2 Prism Test Observations

The failure modes observed during the two CMU prism tests are shown in Figures 4.38 4.41. As shown in Figures 4.38 and 4.39, prism specimen P1 displayed a cone and split
failure mode. For this specimen, the failure occurred on both sides of the prism with
cracks beginning near the top and moving diagonally downward toward the edges along
the entire height of the prism. Specimen P1 sustained a peak compressive load of 66.7
kip.
A cone and shear failure mode was observed for prism specimen P2, as shown in Figures
4.40 and 4.41. Cracking initiated near the top of the prism, but was concentrated on the
left side of the specimen with a major diagonal crack continuing downward toward the
left edge along the entire height of the prism. Specimen P2 had a peak capacity of 62.2
kip. The difference in peak capacity between specimens P1 and P2 may be due to the
slightly different failure modes observed in the two prisms during these tests.
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Figure 4.26: Front and right-side view of specimen P1 after the prism test

Figure 4.27: Back and left-side view of specimen P1 after the prism test

Figure 4.28: Front and right-side view of specimen P2 after the prism test
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Figure 4.29: Back and left-side view of specimen P2 after the prism test

HCT prism specimens P3 and P4, with the voids placed in the horizontal direction,
displayed a face-shell separation failure mode, with the masonry material breaking into
several pieces. No pictures were taken of specimen P3, however, the failure mode
observed for specimen P4 is shown in Figure 4.42. During this test, the masonry prism
specimen experienced significant cracking at around 7.8 kip of compressive load, but
continued to resist increasing load up to its peak capacity of 15.9 kip.
HCT prism specimens P5, P6, and P7, with the voids oriented in the vertical direction,
also displayed a face-shell separation failure mode with vertical cracks splitting the
hollow clay tiles into several pieces. No pictures were taken during the prism test on
specimen P5. Pictures taken of specimen P6 before and after the prism test are shown in
Figure 4.43. Figures 4.44 – 4.45 show the failure mode observed during the prism test on
specimen P7. Before this test was begun, it was observed that the mortar joint between
the two HCT blocks of prism specimen P7 was cracked, which may have influenced the
peak compressive strength of the specimen.

181

Figure 4.30: Specimen P4 during and after the prism test

Figure 4.31: Specimen P6 before and after the prism test

Figure 4.32: Specimen P7 before and after the prism test
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Figure 4.33: Side views of specimen P7 after the prism test

The failure modes exhibited by the AAC prism tests are shown in Figures 4.46 - 4.49.
Shear break and face shell separation failure modes were observed during the prism test
of specimen P8. Figures 4.46 and 4.47 show this specimen after the completion of the
test. A semi-conical break was observed during the test on specimen P9, as shown in
Figure 4.48. Prism specimen P10 displayed semi-conical and shear break failure modes.
Pictures of this specimen taken after the prism test are shown in Figure 4.49.

Figure 4.34: Front and right-side view of specimen P8 after the prism test
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Figure 4.35: Back and left-side view of specimen P8 after the prism test

Figure 4.36: Front and back view of specimen P9 after the prism test

Figure 4.37: Front and back view of specimen P10 after the prism test
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4.4.3 Prism Test Results

The results of the CMU, HCT, and AAC prism tests are given in Table 4.5. The nominal
compressive strength of each prism was calculated by dividing the peak load capacity of
each test specimen, shown in Table 4.5, by its cross-sectional area, given in Table 4.4.
The corrected compressive strength, fmt, was determined by multiplying the nominal
compressive strength by the height to thickness correction factor for each prism
specimen, taken from Table 1 of ASTM C 1314-03b (ASTM 2004). The height to
thickness ratio of all of the HCT prism specimens exceeded the maximum recommended
ratio of 5, as shown in Table 4.5. For these specimens the correction factor was
determined by extrapolating from the values given in Table 1 of ASTM C 1314-03b
(ASTM 2004).
Table 4.4: Masonry prism test results

As shown in Table 4.5, the average compressive strength of the two CMU prisms was
2683.5 psi. The coefficient of variation for these specimens was only 3.5%. The HCT
prisms had greater variability. The HCT prism specimens with the cells oriented in the
horizontal direction had an average compressive strength of 2185.1 psi, with a coefficient
of variation of 41%. The HCT specimens with the cells in the vertical direction had an
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average compressive strength of 2304.1 psi with a coefficient of variation of 29.2%. The
AAC prisms had less compressive strength than the CMU and HCT specimens. The
average corrected compressive strength of the AAC prisms was 474.6 psi. The
coefficient of variation of these specimens was 21.2%, which was less than the HCT
specimens, but greater than the CMU prisms.

4.4.4 Discussion

Based on the results of these prism tests, the CMU masonry blocks used in the structural
fuse element testing program had a higher compressive capacity than the HCT and AAC
masonry units. The three brick prism specimens tested by Aliaari (2005), however, had a
higher average compressive strength than the CMU prisms, with an average corrected
compression strength of 3600 psi. The brick prisms, however, had greater variability
with a coefficient of variation of 18%.
The HCT prism exceeded the maximum recommended height to thickness ratio for prism
specimens, due to the size of the individual masonry units. It is not clear how much of an
effect this had on their compressive strengths, however, due to the large variability in the
results of these tests. The large height to thickness ratios may have resulted in reduced
peak capacities, but a correction factor was used to negate this effect.
The AAC prism specimens had low compressive strengths compared to the other
masonry materials included this testing program. This was also seen in the masonry wall
panel shear tests, where the AAC all panels were the only tests specimens to exhibit a
crushing failure mode. The AAC prisms had less variability than the HCT specimens.
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4.5 Cyclic Testing Program
4.5.1 Cyclic Testing Program Overview

The cyclic testing program was performed to evaluate the performance of the structural
fuse system under an in-plane, cyclic loading protocol. As part of this experimental
program, bare frame monotonic and cyclic tests were completed on the two-bay, threestory steel test frame without the structural fuse elements in place. Monotonic tests were
also performed on the test frame with the lumber disk fuse elements and brick infill walls.
These initial tests were completed as part of the development of the quasi-static loading
protocol for the cyclic tests of the structural fuse system.
The quasi-static load history used for the cyclic tests was based on the loading protocol
given in ATC-24 (Krawinkler, 1992). In this article, Krawinkler (1992) presents a
generic loading history for quasi-static testing that is based on a cumulative damage
concept. The parameters used to define this loading protocol, including the number of
individual cycles at each load step and the change in deformation level between
subsequent loads steps, were determined from the results of the monotonic tests
performed on the two-bay, three-story test frame.
After determining an appropriate quasi-static loading protocol, the cyclic tests were
performed on the two-bay, three-story steel test frame with the brick infill walls in place.
Two different bracing configurations, including full-brace and half-brace, were tested to
observe the performance of the structural fuse system for frames with different in-plane
stiffness properties. Varying fuse element thicknesses were also tested. For some of the
tests, the same fuse element thickness was used at each story level. For other tests, a

187
different fuse element thickness was used at each story level. For ease of reference, the
cyclic testing program test matrix shown in Table 3.6 is also given in Table 4.6, and the
cyclic test configuration diagrams shown in Figure 3.32 are provided in Figure 4.50.

Table 4.5: Cyclic testing program test matrix
Fuse Element
Thickness (in.)
1st
2nd
3rd
Story Story Story
NA
NA
NA

Test

Type

Description

BFMT1

Bare Frame Monotonic Test

Fully braced, no fuse elements

BFMT2

Bare Frame Monotonic Test

Fully braced, no fuse elements

NA

NA

NA

FBMT1

Full Brace Monotonic Test

Fully braced, with fuse elements

1.0

0.75

0.5

FBMT2

Full Brace Monotonic Test

Fully braced, with fuse elements

0.5

0.5

0.5

BFCT1

Bare Frame Cyclic Test

Fully braced, no fuse elements

NA

NA

NA

BFCT2

Bare Frame Cyclic Test

Fully braced, no fuse elements

NA

NA

NA

FBCT1

Full Brace Cyclic Test

Fully braced, with fuse elements

1.0

0.75

0.5

FBCT2

Full Brace Cyclic Test

Fully braced, with fuse elements

1.0

0.75

0.5

FBCT3

Full Brace Cyclic Test

Fully braced, with fuse elements

0.5

0.5

0.5

FBCT4

Full Brace Cyclic Test

Fully braced, with fuse elements

0.5

0.5

0.5

HBCT1

Half Brace Cyclic Test

Half braced, with fuse elements

1.0

0.75

0.5

HBCT2

Half Brace Cyclic Test

Half braced, with fuse elements

1.0

0.75

0.5
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4.5.2 Bare Frame Monotonic Tests (BFMT)
4.5.2.1 Bare Frame Monotonic Test Summary

Several iterations of bare frame monotonic tests were performed on the two-bay, threestory steel test frame. The goal of these initial tests was to simulate a first mode, inverted
triangle displacement shape of the test frame by applying simultaneous, displacement
controlled loads at each story level using three hydraulic cylinders. For these tests, the
full bracing configuration was used with all the diagonal bracing rods in place on the test
frame. Fuse elements were not used during these tests so that the steel test frame had no
interaction with the brick infill panels.
As discussed in Chapter 3, these tests were initially performed using a single hydraulic
pump to control the displacement of the three loading jacks. Pressure control valves were
used to regulate the hydraulic flow supplied to the load cylinder attached at each story
level. After several unsuccessful attempts at producing the desired displacement shape
by varying the hydraulic flow to each cylinder using the pressure control valves, the same
test was repeated using two hydraulic pumps. These tests were also unsuccessful at
producing the desired displacement shape in the test frame.
Finally, three different hydraulic pumps were used to independently control the hydraulic
flow supplied to each cylinder, and the displacement history at each story level. Each of
the three hydraulic pumps were controlled manually, using either a push button controller
or manual lever arm. Using this set-up, the desired inverted triangle displacement shape
was achieved.
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During these tests, the hydraulic pressure supplied to each cylinder was measured using a
pressure transducer attached to the loading jack. The pressure readings were scaled
automatically by the data acquisition system using equation (4.5) to convert the pressure
data to units of force applied by the cylinder. The scale factor used for this conversion
was equal to the effective area of the hydraulic cylinder in the advance (forward)
direction.
The displacement of the steel test frame during these tests was measured using two linear
string potentiometers attached to the frame at each story level. The readings from the two
potentiometers at each level were averaged during post processing. Data was collected at
10 samples/sec. The data was averaged in one sec intervals in post processing to
eliminate ambient electrical noise.

4.5.2.2 Bare Frame Monotonic Test Results

The displacement histories for bare frame monotonic tests BFMT1 and BFMT2 are given
in Figures 4.51 and 4.52, respectively. The second story displacement throughout these
tests was equal to two-thirds of the third story displacement, while the first story
displacement was equal to one-third of the third story displacement. These story level
displacement ratios resulted in an inverted triangle displacement shape of the steel test
frame.
For test BFMT1, the third story displacement was applied at a steady rate of 0.013
in./sec. The third story displacement rate for test BFMT2 was around 0.021 in./sec. The
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faster displacement rate applied during test BFMT2 resulted in a smoother load history
than was achieved for test BFMT1.
The load histories for tests BFMT1 and BFMT2 are given in Figures 4.53 and 4.54,
respectively. During these tests, the force applied by the cylinder at the third story of the
test frame was much greater than the load applied at the first and second story levels.
During both of the bare frame monotonic tests, only a small amount of force was applied
by the hydraulic cylinders at the first and second stories of the test frame.
The load-deflection curves at each story level of the test frame for tests BFMT1 and
BFMT2 are shown in Figures 4.55 and 4.56, respectively. As shown in these figures, the
load-deflection behavior at the third story level was fairly linear during both of these
tests. This result was expected since the structural fuse elements were not used and the
tests were ended before yielding of the steel bracing rods occurred.
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Figure 4.38: Test BFMT1 displacement history
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Figure 4.39: Test BFMT2 displacement history
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Figure 4.40: Test BFMT1 load history
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Figure 4.41: Test BFMT2 load history
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Figure 4.42: Test BFMT1 load-deflection relationship
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Figure 4.43: Test BFMT2 load-deflection relationship
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4.5.2.3 Discussion

After several iterations of bare frame tests, it was found that the displacement at each
story level of the test frame must be independently controlled using a separate hydraulic
pump in order to achieve the desired story level displacement ratios. Using this set-up,
the target story level displacement ratios were achieved for tests BFMT1 and BFMT2,
resulting in an inverted triangle displacement shape of the test frame. During these tests,
the hydraulic flow to each cylinder was controlled manually.
Following the bare frame monotonic tests, the LabVIEW software used to control the
data acquisition system was set up to display a read-out showing the target displacements
for the first and second story levels based on the measured displacement at the third story.
For subsequent tests, the operator of the pump controlling the cylinder at the third story
level applied load at a given displacement rate, while the operators of the pumps
controlling the first and second story cylinders applied load according to the real-time,
target displacement ratios given by the LabVIEW software. This set-up made it easier to
maintain the desired story level displacements, especially for the cyclic tests where load
was applied in both in-plane directions.
During the bare frame monotonic tests, almost all of the in-plane load was applied to the
test frame by the cylinder at the third story level. This seems reasonable since the load
history for these tests was displacement-controlled, and the displacements at the first and
second stories were applied relative to the displacement at the third story. Since the
geometry and stiffness of the bracing members was the same at each story level, the
frame naturally assumed an inverted triangle deflection shape.
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For tests BFMT1 and BFMT2, the average maximum load applied by the hydraulic
cylinder at the third story of the test frame was 2378 lb. Aliaari (2005) performed bare
frame tests on the same test frame using an identical bracing configuration. In Aliaari’s
tests, the load was applied at the third story only, which resulted in an average maximum
load of 25,000 lb. In comparing the results of bare frame monotonic tests with those
obtained by Aliaari (2005), it appears that the pressure transducer data obtained during
tests BFMT1 and BFMT2 was off by around a factor of 10. After reviewing the data
from the bare frame tests it was clear that this error occurred during data acquisition, and
not in post processing. It seems that either the factor used to scale the pressure transducer
data or the settings of the meter box used to connect the pressure transducer to the data
acquisition system were incorrect.
To account for this data acquisition error in determining the stiffness of the bare frame,
the load data shown in the load-deflection plots given in Figures 4.55 and 4.56 was scaled
by a factor of 10. The slope of the third story load-deflection curve for both tests was
then determined using Microsoft Excel to fit a linear trend line to the two plots, as shown
in Figures 4.57 and 4.58. The average slope of the trend line for tests BFMT1 and
BFMT2 was 19.8 kip/in. In the bare frame tests performed by Aliaari (2005) the average
bare frame stiffness was 23 kip/in. It seems reasonable that the stiffness of the bare
frame determined for tests BFMT1 and BFMT2 would be slightly lower than those
obtained by Aliaari (2005), since the stiffness calculation for these tests did not take into
account the load applied by the hydraulic cylinders at the first and second stories. Since
it was not clear what caused the error in the data acquisition system during these tests, the
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stiffness values obtained from Figures 4.57 and 4.58 were used only as a comparison with
the stiffness values determined by Aliaari (2005).
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Figure 4.44: Test BFMT1 third story load-deflection slope
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4.5.3 Full Brace Monotonic Tests (FBMT)
4.5.3.1 Full Brace Monotonic Test Summary

After the completion of the bare frame monotonic tests, full brace monotonic tests were
performed on the two-bay, three-story, steel test frame with lumber disk fuse elements.
The purpose of these tests was to determine an appropriate increment in peak
deformation between subsequent load steps of the quasi-static loading protocol used
during the cyclic tests of the structural fuse system. According to Krawinkler (1992), the
increment in peak deformation, Δ, should be based on the yield value of the deformation
control parameter, which for these tests was a direct measure of the story displacement.
The goal of the full brace monotonic tests was to determine the third story displacement
at which the test frame, with fuse elements in place, experienced inelastic deformation, or
cracking of the fuse elements.
A total of two full brace monotonic tests were performed as part of the cyclic testing
program. For these tests, structural fuse elements were installed on the compression side
of each brick infill wall. For test FBMT1, the thickness of the fuse elements at the first,
second, and third stories were 1.0 in., 0.75 in., and 0.5 in., respectively. For test FBMT2,
0.5 in. disks were used at every story level. For both of these tests the full brace
configuration was used with all the diagonal bracing rods in place on the test frame.
The same instrumentation set-up used during the bare frame monotonic tests was also
used for the full brace monotonic tests. As with the previous tests, the data from the
pressure transducers was converted to units of force using equation (4.5). In addition, the
force transferred through the 0.88 in. dia. steel punching rods connecting the fuse
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elements to the steel frame was measured using two electrical resistance strain gages
attached to each rod. The data from the two gages was averaged in post processing and
converted to units of force in the steel rod by rearranging equation (4.3) as:
Pr = ε r E s Ar

(4.6)

where, Pr= the force in the steel rod, ε r = the averaged strain gage data, Es= Young’s
Modulus of steel (29,000 ksi), and Ar= the cross sectional area of the steel rod (0.608 in2).
Data was collected at 100 samples/sec and averaged during post processing.
4.5.3.2 Full Brace Monotonic Test Results

The displacement histories for tests FBMT1 and FBMT2 are shown in Figures 4.59 and
4.60, respectively. The desired story level displacement ratios were maintained during
both of these tests. During test FBMT1, the displacement at the third story level was
applied at a steady rate of around 0.007 in./sec. For test FBMT2, the displacement at the
third story was applied at 0.02 in./sec.
The load histories for the two tests are given in Figures 4.61 and 4.62. As with the bare
frame monotonic tests, the load applied by the hydraulic cylinder at the third story was
much greater than the load applied at the first and second story levels. For these tests,
however, the cylinders at the first and seconds levels applied a greater proportion of the
total in-plane load than in the previous bare frame monotonic tests.
The load-deflection behavior of the test frame during tests FBMT1 and FBMT2 is shown
in Figures 4.63 and 4.64, respectively. The stiffness of the test frame was determined by
finding the slope of the third story load-deflection curves using Microsoft Excel. The
frame stiffness computed for both of these tests using this approach was 20.2 kip/in.
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Figure 4.46: Test FBMT1 displacement history
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Figure 4.47: Test FBMT2 displacement history
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Figure 4.48: Test FBMT1 load history
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Figure 4.49: Test FBMT2 load history
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Figure 4.50: Test FBMT1 load-deflection relationship
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A picture of one of the lumber disk fuse elements in place on the test frame during test
FBMT1 is shown in Figure 4.65. A small crack is visible running from the center of the
fuse element where the 0.88 in. dia. steel rod is bearing on the disk, to the outside edge of
the disk at the top and bottom. Pictures of each of the lumber disk fuse elements used
during tests FBMT1 and FBMT2, taken after the tests were completed, are provided in
Appendix B.
Figure 4.66 shows the location of each of the fuse elements on the steel test frame during
tests FBMT1 and FBMT2. The maximum rod force measured at each disk location
during both tests is given in Table 4.7. Plots of the force in the steel rod at each fuse
element location vs. the third story frame deflection for the two tests are given in Figures
4.67– 4.72.

Crack in wood disk

Figure 4.52: Fuse element on test frame during FBMT1
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Figure 4.53: Fuse element location on test frame

Table 4.6: FBMT maximum fuse forces
Story
Level
1st
Story

2nd
Story

3rd
Story

Test
Label

Fuse
Thickness (in.)

FBMT1

1.0

FBMT2

0.5

FBMT1

0.75

FBMT2

0.5

FBMT1

0.5

FBMT2

0.5

Fuse
Location

Max. Fuse
Force (lb)

Fuse 2

3271

Fuse 4
Fuse 2

4338
2541

Fuse 4
Fuse 6

2498
3751

Fuse 8
Fuse 6

4051
2239

Fuse 8
Fuse 10

2646
2475

Fuse 12
Fuse 10

2145
2497

Fuse12

2351

Average Fuse
Force (lb)
3805
2520
3901
2443
2310
2424
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Figure 4.54: Test FBMT1 1st story rod histories
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Figure 4.55: Test FBMT2 1st story rod histories
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Figure 4.56: Test FBMT1 2nd story rod histories
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Figure 4.57: Test FBMT2 2nd story rod histories
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Figure 4.58: Test FBMT1 3rd story rod histories
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4.5.3.3 Discussion

During tests FBMT1 and FBMT2, the desired story level displacement ratios were
maintained resulting in an inverted triangle displacement shape of the test frame.
Throughout both tests, the force applied by the hydraulic cylinder at the third story level
was greater than the force applied by the cylinders at the first and second levels.
Although the displacement controlled loads were applied at a different rate during tests
FBMT1 and FBMT2, this did not seem to have an effect on the stiffness or loaddeflection behavior of the test frame.
The test frame stiffness for both of the full brace monotonic tests was 20.2 kip/in., which
was slightly lower than the average test frame stiffness of 23 kip/in. for the bare frame
monotonic tests performed by Aliaari (2005). For the bare frame tests, the fuse elements
were not used and the bracing rods resisted all of the applied in-plane loads since the
brick infill panels were isolated from the test frame. This configuration was intended to
simulate the stiffness of a steel moment frame without infill walls. For full brace tests,
FBMT1 and FBMT2, however, the fuse elements were in place on the test frame and the
brick infill panels also participated in resisting the applied lateral loads. This
configuration was used to simulate the response of a moment frame with infill walls.
It was expected that the frame stiffness would be greater for the full brace monotonic
tests than for the bare frame tests. During the full brace tests, however, some of the inplane lateral load was applied by the cylinders at the first and second story levels, while
for the bare frame tests performed by Aliaari (2005); all of the load was applied at the
third story level. The load applied at the first and second story levels was not considered
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in the calculation of the frame stiffness since this value was determined by taking the
slope of the third story load-deflection curve. To account for the load applied at the first
and second story levels in the determination of the frame stiffness for tests FBMT1 and
FBMT2, a plot of the total lateral load (applied to the frame at the first, second, and third
levels) vs. the third story deflection was created for both of the full brace monotonic tests.
The slope of these two curves was determined using Microsoft Excel, as shown in
Figures 4.73 and 4.74. Using this method, a frame stiffness of 25.4 kip/in. and 24.7
kip/in. was determined for tests FBMT1 and FBMT2, respectively.
Aliaari (2005) performed similar tests using the same test frame, bracing configuration,
and fuse thicknesses. For these tests, however, the load was applied at the third story
only. For the full brace monotonic tests performed by Aliaari using the same fuse
thicknesses as test FBMT1, the average frame stiffness was 26.1 kip/in. This value is
fairly close to the frame stiffness of 25.4 kip/in. calculated for test FBMT1. Aliaari also
performed full brace monotonic tests with the same fuse thicknesses used for test
FBMT2. For these tests, the average in-plane frame stiffness was 25.2 kip/in., which is
close to the value of 24.7 kip/in. calculated for test FBMT2.
For the full brace monotonic tests performed by Aliaari, as well as those performed
during this study, the frame stiffness was greater for the fuse thicknesses used in test
FBMT1 then with those used in FBMT2. This result was expected since thicker disks
were used at the first and second story levels during test FBMT1, resulting in a greater
contribution to the load resistance from the brick infill walls at these levels. The fuse
configuration did not have a significant impact on the overall frame behavior.
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Figure 4.60: Test FBMT1 total in-plane load vs. 3rd story deflection
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The rod force behavior for tests FBMT1 and FBMT2, shown in Figures 4.67 - 4.72, was
similar to that observed during the lumber disk compression tests. As seen in Figures
4.68 and 4.70, the strain data for the rods at disks 2, 4 and 6 showed a rod force slightly
less than zero at the beginning of test FBMT2, indicating a “tensile” load on the rod.
Before the start of the full brace tests, the metal rods were threaded snug against the
lumber disk fuse elements. To begin the tests, load was applied to the frame by the
hydraulic cylinder at the third story level of the test frame. As the initial load was applied
at the third story, the movement of the test frame may have caused a slight separation or
reduction in tightness between the fuse elements and metal rods at the first and second
stories. Although this would not cause an actual tension force on the rod, it would be
measured as such by the strain gauges.
The average peak loads measured in the steel rods at the first, second, and third story
levels during test FBMT1 were 3805, 3901, and 2310 lb, respectively. It is interesting
that for this test, the highest average peak load was measured at the 0.75 in. thick fuse
elements at the second story, instead of the 1.0 in. fuse elements at the first story level.
Cracking was observed in all of the fuse elements in this test, however, only the 0.5 in.
thick disks at the third story level experienced loads close to their maximum capacity.
The average maximum capacity of the 0.5 in. thick disks tested during the lumber disk
compression tests was 2396 lb.
For test FBMT2, 0.5 in. thick disk fuse elements were used at each story level. The
average peak loads measured at the first, second, and third story levels during this test
were 2520, 2443, and 2424 lb, respectively. Significant cracking was observed in the
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disks at each story level. The disks at both fuse element locations at the first and second
story levels reached their maximum load carrying capacities, resulting in a significant
decrease in load resistance as shown in Figures 4.68 and 4.70.
The two disks at the third story level experienced load levels close to their maximum
capacities, but did not exhibit as much damage as those at the lower two levels. It is not
surprising that the fuse elements at the lower levels of the test frame experienced the
greatest damage, since the story shear forces were greater at these levels. These results
show that higher capacity fuse elements should be used at the lower story levels of lateral
load resisting structural frames in order to prevent the formation of a story mechanism.
During the full brace monotonic tests, the brick infill walls contributed a significant
amount of strength to the overall in-plane load resistance of the test frame. Table 4.8
summarizes the total in-plane load transferred to the infill walls through the fuse elements
at each story level during tests FBMT1 and FBMT2. These values were obtained by
summing the rod force data for each story level at third story displacements of 0.4 in., 0.8
in., and 1.2 in.
As can be seen from this table, the greatest percentage of the total in-plane load was
transferred through the fuse elements at a third story displacement of 1.0 in. When the
third story displacement reached 1.2 in., a smaller percentage of the in-plane load was
transferred to the infill walls since the fuse elements had experienced greater damage at
this point in the test. Even after the fuse elements experienced significant damage, some
of the in-plane load was still transferred through the fuse elements to the infill walls. A
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greater percentage of the total in-plane load was transferred to the infill walls during test
FBMT1, since thicker fuses were used at the first and second story levels during this test.
Table 4.7: Fuse element forces during full-brace monotonic tests

The quasi-static loading protocol used for the cyclic tests of the structural fuse system
was based on a generic load history presented by Krawinkler (1992). The cyclic load
history consisted of a series of stepped displacements applied to the test frame in both inplane directions, with the magnitude of the displacements increasing at each load step.
The parameters for the loading protocol were determined from the results of the full brace
monotonic tests.
An important parameter to be determined for this load history was the deformation level,
δy, at which the test specimens begin to behave inelastically. The value of δy was
established from the load-displacement behavior observed during tests FBMT1 and
FBMT2. After an initial “tightening” of the system, the test frame exhibited a linear
load-displacement curve until cracking of the lumber disk fuse elements was initiated.
As the first fuse elements began to crack, the stiffness of the test frame dropped slightly,
since the contribution of the brick infill walls to the overall frame stiffness was reduced.
Since the initial fuse element cracking corresponded to the onset of inelastic frame
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behavior, δy for this testing program was defined as the value of the third story frame
displacement at the onset of the fuse element cracking.
During tests FBMT1 and FBMT2, the first fuse element cracks occurred at a third story
displacement of between 0.3 in. and 0.5 in. Based on these results, the value δy was set
equal to a third story test frame displacement level of 0.5 in. The upper bound of the
third story displacement corresponding to fuse element crack initiation was chosen based
on the recommendation of Krawinkler (1996) that at least two load steps be performed
before the deformation applied to the test specimen reaches δy. According to Krawinkler
the peak deformation level of these first two elastic load steps should be approximately
0.5δy and 0.75δy.
In the initial quasi-static loading protocol developed for this testing program, the
maximum third story displacement levels for the first two load steps were 0.25 in. and
0.375 in. These values were found to be impractical since the displacement controlled
loads were applied using manually controlled hydraulic pumps. For the actual loading
history used for the cyclic tests, the peak deformation levels used for the first two load
steps were third story displacements of 0.3 in. and 0.4 in.
The increment in peak deformation, Δ, was another important parameter to be defined for
the quasi-static loading protocol. According to Krawinkler (1992), the value of Δ should
be constant for all load steps where the peak deformation level exceeds the value of δy.
Krawinkler also recommended setting Δ equal to the value of δy in instances where the
deformation control parameter is linearly related to the story drift.
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To prevent damage to the steel bracing rods, the maximum third story displacement level
applied to the test frame during the cyclic tests was 1.4 in. From the results of tests
FBMT1 and FBMT2, it was seen that the test frame began to behave inelastically
somewhere between a third story displacement value of 0.3 in. and 0.5 in. To allow for
the maximum number of steps in the cyclic loading history, a third story displacement
increment of 0.3 in. was chosen for Δ.
An additional parameter to be defined for the loading history was the number of cycles to
be performed at each level of deformation. White (1995) noted that two or three load
cycles are typically performed at each load step. In their tests of reinforced concrete
shear walls, Voon and Ingham (2006) performed two cycles at each deformation level.
For structural fuse system testing program, two cycles were performed at each load step.
This quasi-static loading protocol is shown in Figure 4.75.

Figure 4.62: Quasi-static cyclic loading history
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4.5.4 Bare Frame Cyclic Tests (BFCT)
4.5.4.1 Bare Frame Cyclic Test Summary

The bare frame cyclic tests were performed using the same bracing configuration and setup as the bare frame monotonic tests, with all of the bracing rods in place on the test
frame and no fuse elements. During these tests, displacement controlled loads were
applied in both in-plane directions (advance and retract) at each story level of the test
frame. The load history at the third story of the test frame was based on the quasi-static
loading protocol shown in Figure 4.75. Loads were also applied at the first and second
stories of the test frame to maintain an inverted triangle displacement shape throughout
the loading history. The load applied at each story was controlled manually using a
separate hydraulic pump attached to each of the load cylinders.
A total of two bare frame cyclic tests were conducted as part of the structural fuse system
testing program. The data acquisition system and instrumentation used for these tests
was similar to the set-up used for the monotonic bare frame tests. For the bare frame
cyclic tests, however, two pressure transducers were attached to each load cylinder. One
transducer was used to measure the hydraulic pressure in the cylinder while the load was
applied in the advance (forward) direction, and the other transducer was used to measure
the pressure while the load was applied in the retract (reverse) direction. Since the
effective areas of the load cylinders were different in the advance and retract directions,
different scale factors were used by the LabVIEW software to scale the data from the two
transducers. During the bare frame cyclic tests, data was collected at 100 samples/sec.
The data was averaged in one second intervals in post processing to eliminate noise.
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4.5.4.2 Bare Frame Cyclic Test Results

The displacement histories for tests BFCT1 and BFCT2 are given in Figures 4.76 and
4.77, respectively. The displacement history at the third story level of the test frame
during both tests was close to the target, quasi-static load protocol shown in Figure 4.75.
One notable difference between the target and actual displacement values for test BFCT2
occurred during the second cycle of the third load step, while load was being applied in
the advance direction. During this load cycle the third story frame displacement
exceeded the target value by about 0.14 in. After this slight deviation from the intended
displacement value, the target displacement history was followed for the remainder of the
test. The displacements applied at the first and second stories during these tests were
based on the target story level displacement ratios, resulting in an inverted triangle
displacement shape of the test frame for both tests.
The load histories for the two bare frame cyclic tests are shown in Figure 4.78 and 4.79.
During these tests the load applied by the cylinder at the third story of the test frame was
significantly higher than the load applied by the cylinders at the first and second stories.
This is consistent with the load behavior observed during the previous monotonic tests.
The peak load and displacement values from each load cycle of tests BFCT1 and BFCT2
are given in Tables 4.9 and 4.10, respectively. For the most part, the third story load
behavior was similar in both displacement directions (advance and retract). In comparing
the magnitude of the loads applied during each load step for either test, however, it is
evident that higher loads were typically applied in the retract direction. For both tests the
peak load was applied by the hydraulic cylinder at the third story level during the second
cycle of the final load step, in the retract direction.
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Figure 4.63: Bare frame cyclic test BFCT1 displacement history
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Figure 4.64: Bare frame cyclic test BFCT2 displacement history
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Figure 4.65: Bare frame cyclic test BFCT1 load history
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Figure 4.66: Bare frame cyclic test BFCT2 load history
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Table 4.8: Bare frame cyclic test BFCT1 peak load and displacement values

Table 4.9: Bare frame cyclic test BFCT2 peak load and displacement values
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In comparing the load histories at the first and second story levels for both of the bare
frame cyclic tests, it can be seen that for a given load cycle, the load was typically greater
at the second story level than at the first story. This behavior was also observed during
the previous monotonic tests. In some instances, however, higher loads were applied at
the first story than the second story.
During tests BFCT1 and BTCT2, the load behavior at the first and second story levels
was less consistent in the advance and retract directions than at the third story. In
particular, the load histories at the first story of the test frame were not at all similar in the
two displacement directions. During test BFCT2, for example, almost no load was
applied to the test frame at the first story level during the advance portion of the load
cycles. During this same test, a significant amount of load (up to 9,759 lb) was applied at
the first story level in the retract direction of the load cycles.
The load-displacement, hysteretic behavior at the first, second, and third story levels of
the test frame during test BFCT1 is given in Figures 4.80, 4.81, and 4.82, respectively.
Figures 4.83, 4.84, and 4.85, show the hysteretic behavior at the three story levels of the
test frame for test BFCT2. In these figures the load applied at each story of the test frame
is plotted vs. the displacement measured at that story.
The hysteretic plots are fairly symmetrical at story levels two and three for both of the
bare frame cyclic tests. This indicates that the work done by the hydraulic cylinders on
the test frame at these story levels was similar in both in-plane directions of the load
cycle. At the first story level, however, the work done by the cylinders on the test frame
was not symmetrical with respect to the direction of the applied load.
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Figure 4.67: BFCT1 1st Story hysteretic behavior
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Figure 4.68: BFCT1 2nd Story hysteretic behavior
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Figure 4.69: BFCT1 3rd Story hysteretic behavior
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Figure 4.70: BFCT2 1st Story hysteretic behavior
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Figure 4.71: BFCT2 2nd Story hysteretic behavior
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Figure 4.72: BFCT2 3rd Story hysteretic behavior
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4.5.4.3 Discussion

The results of tests BFCT1 and BFCT2 show that the experimental set-up, using a
separate manually operated hydraulic pump to control the displacements at each story
level, was an appropriate configuration for achieving the desired quasi-static loading
history. During both of these tests the relative displacements between each story level
were close to the target story level displacement ratios for an inverted triangle
displacement shape of the test frame. Based on these results, the same set-up used for the
bare frame cyclic tests was also used for the subsequent cyclic tests of the structural fuse
system with the lumber disk fuse elements in place.
During both bare frame cyclic tests, the load applied to the test frame by the hydraulic
cylinders at the third story level was greater than the load applied at the first and second
story levels in the advance and retract directions. This behavior was also observed during
the bare frame monotonic tests. Aliaari (2005) performed bare frame monotonic tests
using the same test frame and bracing configuration. In these tests, load was applied at
the third story level only. As noted by Aliaari (2005), the relative deflections between
the first, second and third story levels resulted in an inverted triangle displacement shape.
Since in Aliaari’s tests the frame assumed an inverted triangle displacement shape with
the load applied at the top story only, it makes sense that for tests BFCT1 and BFCT2
less load was applied at the first and second stories than the third story.
For the bare frame cyclic tests, a greater percentage of the total in-plane load was applied
at the first and second story levels than during the monotonic bare frame tests. Although
the displacement controlled loads were applied in the same manner during these tests, the
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quasi-static loading protocol used for the cyclic tests resulted in more load at the first and
second stories. These results show that the quasi-static loading history produces a more
realistic seismic loading simulation than the monotonic loading protocol.
It can be seen from Tables 4.8 and 4.9 that the magnitude of the load applied to the test
frame at each story level during these tests was not always consistent in the advance and
retract directions. At the third story level, the load history was fairly similar in both
directions, however, the load applied in the advance direction during a given load cycle
was typically less than the load applied in the retract direction. One explanation for this
behavior is that in many cases the displacement of the test frame at the third story level
was slightly greater in the retract direction. In some cases, however, the displacement at
the third story for a given load cycle was greater in the advance direction, but the load
applied by the cylinder was greater in the retract direction. Another factor to consider is
the amount of load applied at the first and second story levels. If more load was applied
at the lower levels during the advance direction of the load cycle, then less load was
needed at the third story to achieve the target displacement.
At the first and second story levels, the amount of load applied in the advance and retract
directions during a given load cycle had a greater variation. The best explanation for this
behavior is that the loads at each story level were displacement controlled and applied
using manually operated hydraulic pumps. During these tests the load at the third story
level was applied at a consistent displacement rate according to the quasi-static load
history shown in Figure 4.75. The loads applied at the first and second story levels were
based on the target story displacement ratios which were computed in real time

226
throughout the tests by the LabVIEW software. The operators of the hydraulic pumps
controlling the load cylinders at the first and second story levels applied load to the test
frame only as required to maintain the target displacement ratios as shown by the
LabVIEW software. Given the loading protocol used for these tests, it is not surprising
that the load history at the third story level was much more consistent during both of the
bare frame cyclic tests.
Since the loads applied during these tests were displacement controlled, the goal was to
have a consistent displacement history in both loading directions. This is why the load at
the first and second stories was only applied as needed to maintain the target story level
displacement ratios. As a result, the load histories at the lower story levels were not as
consistent as at the third story. In addition, the loads were applied manually, which also
contributed to the lack of consistency in the loading history. Despite these factors, the
desired quasi-static displacement history was achieved for both tests.
The shape and characteristics of the hysteretic plots shown in Figures 4.80- 4.85 reflect
the inconsistent nature of the applied loads. The area inside of each hysteretic loop is
equal to the amount of work done on the test frame by the hydraulic cylinder at a given
story level during each load step. In general, the area inside of each hysteretic loop was
greater for each subsequent load step. This was expected since as long as the behavior of
the test frame remains within the elastic range, more work must be done on the test frame
in order to reach a greater level of displacement.
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4.5.5 Full Brace Cyclic Tests (FBCT)
4.5.5.1 Full Brace Cyclic Test Summary

The full brace cyclic tests were performed using the same test frame configuration as the
full brace monotonic tests, with all diagonal bracing rods in place on the test frame. For
the full brace cyclic tests, lumber disk fuse elements were put in place on the test frame at
the fuse mechanism locations on both sides of the brick infill walls. Two different fuse
element configurations were tested, as shown in Table 4.6. Tests FBCT1 and FBCT2
were performed with 1.0 in. lumber disk fuse elements at the first story, 0.75 in. fuse
elements at the second story, and 0.5 in. fuse elements at the third story. For tests FBCT3
and FBCT4, 0.5 in. fuse elements were used at each story level.
The same loading protocol and procedure used for the bare frame cyclic tests were used
for the full brace cyclic tests. In-plane loads were applied to the test frame in the advance
and retract directions at each story level. During these tests the displacement history at
the third story level was applied according to the same quasi-static loading protocol used
for the bare frame cyclic tests, while the displacements at the first and second stories
were based as necessary to achieve an inverted triangle displacement shape.
The instrumentation for the full brace cyclic tests was similar to the set-up used for the
full brace monotonic tests. As with the bare frame cyclic tests, however, two pressure
transducers were attached to each hydraulic cylinder in order to record the load in the
advance and retract directions. Strain gauges were attached to the 0.88 in. dia. halfthreaded steel rods connecting the fuse elements to the test frame in order to measure the
force transferred from the frame to each fuse element. The fuses were connected to the
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data acquisition system using either a half-bridge or quarter-bridge configuration. The
same data acquisition system used for the previous structural fuse system tests was also
used for these tests. Data was recorded at 100 samples/sec and averaged in one sec
intervals during post processing.

4.5.5.2 Full Brace Cyclic Test Observations

The response of the test frame to the applied in-plane loads during the full brace cyclic
tests was similar to the behavior observed for the full brace monotonic tests. At the start
of each test, there was an initial tightening of the system as incrementally increasing
displacements were applied to the test frame at each story level in the advance (forward)
direction. During this period, the steel bracing rods that were in tension began to tighten,
while the steel bracing rods in compression started to buckle.
As additional load was applied to the test frame by the hydraulic cylinders, the 0.88 in.
dia., half-threaded steel punching rods connecting the fuse elements to the steel test frame
began to push on the lumber disk fuses as shear forces were transferred from the steel
frame to the infill walls at the upper compression corner of the brick panels. At the same
time the lower compression corners of the infill walls were pressed against the 3/4x4x4
in. steel angles welded to the top of the HSS5x5x3/8 beams.
When the displacement of the third story of the test frame reached the maximum
deformation level for that load step, the direction of the load applied by the hydraulic
cylinders at each story level was reversed. Load was then applied in the retract (reverse)
direction and the test frame was returned to the initial condition of zero displacement at
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each story level. As additional load was applied in the retract direction, the bracing rods
which had previously been in tension began to buckle in compression while the rods
which had been in compression during the advance portion of the load cycle began to
elongate in tension. The same fuse element behavior observed in the advance direction
of the load cycle was also seen in the retract direction. As the displacements at each story
level were increased in the retract direction, the fuse elements on the opposite side of the
test frame began to transfer shear forces from the steel frame to the infill walls.
For these tests, the target maximum displacement at the third story of the test frame
during the first two load steps was 0.3 in. and 0.4 in., respectively. These values were
chosen during the development of the quasi-static loading protocol so that two load steps
could be performed before inelastic deformation occurred in the test specimens, as
recommended by Krawinkler (1996). During these tests, noticeable cracking did not
occur in the lumber disk fuse elements until the displacement at the third story of the test
frame reached or exceeded a value of 0.5 in., during or after the third load step. These
results confirm that the target third story displacement values chosen for the first two load
steps were appropriate.
Initial cracking of the lumber disk fuse elements typically occurred during the first cycle
of the third load step. The target maximum third story displacement for the third load
step was 0.5 in. Additional cracking occurred in the fuse elements as the magnitude of
the third story displacement was increased during subsequent load steps. Two load
cycles were completed at each deformation level. After the second cycle, additional fuse
cracking did not occur until the displacement of the test frame exceeded the peak third
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story displacement value of that load step during the next load cycle. This behavior
confirmed that two cycles per load step were sufficient to capture the inelastic frame
behavior at a given deformation level.
When the direction of the load was reversed during the quasi-static load cycles, the
diagonal bracing rods rotated about their ends as they switched from tension to
compression or vice versa. The pin bar connection from the bracing rods to the test
frame was designed to accommodate this rotation, however, in some cases rotation was
prevented by other bracing rods connected to the same pin bar. During some of the full
brace monotonic tests, inelastic behavior was observed in the steel bracing rods.
Diagonal bracing rod failures occurred during the final load step of tests FBCT1, FBCT2,
and FBCT4. The failure mechanism for these rods was a combination of tension and
bending. The failures occurred at the ends of the braces near the connection where end
rotation was prevented, as shown in Figure 4.86. After several load cycles were
performed the bracing rods became fatigued and eventually snapped when the demand on
the brace reached a critical level. Figure 4.87 shows one of the bracing rods that broke
during test FBCT1. Bracing rod failures were not observed during the tests performed by
Aliaari (2005).
After the completion of each of these tests, the brick infill walls were inspected for
damage. Discernable damage was not observed during or after any of the tests. A brief
description of each of the full brace cyclic tests is provided below.
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Figure 4.73: Typical rod failure location

Figure 4.74: Failed brace specimen, FBCT1

During test FBCT1, one of the 3/4x5x11 in. steel plates connecting the hydraulic jack to
the test frame at the first story slipped off of the 1-1/2 in. diameter pin bar attaching it to
the jack. This occurred during the fifth load step at the end of the second cycle. At this
point the data acquisition system was stopped and the test frame was returned to the
initial condition of zero displacement at each story level. The test was then continued
and the two remaining cycles of the sixth load step were completed. After completion of
the FBCT1, the data from the first part of the test was combined with the data from the
second part in post processing.
During the second cycle of the sixth load step of test FBCT1, one of the steel bracing
rods fractured. The rod was located at the first story, in the right bay (on the same side of
the test frame as the reaction frame), at the back of the frame (behind the infill wall). The
rod broke in tension with a loud snap while load was being applied in the retract
direction. The failure point was at the end of the rod near the brace connection location,
as with the failure shown in Figure 4.86. After the rod broke the test was continued until
the quasi-static loading history was completed.
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During test FBCT2 the load history was continuous without any stopping and starting.
Cracking of the lumber disk fuse elements was not observed until the third story
displacement reached around 0.8 in., during the first cycle of the fourth load step, in the
advance direction. Additional cracking was observed as the test was continued. A
bracing rod failure also occurred during this test. The fractured rod was located at the
third story on the right bay, behind the infill wall. As with test FBCT1, the rod failed
during the second cycle of the final load step when load was being applied in the retract
direction.
For tests FBCT3 and FBCT4, 0.5 in. thick lumber disk fuse elements were used at each
story level of the test frame. During these tests the first fuse element cracking was
observed at a third story displacement level of around 0.5 in. For both tests, the cracking
initiated during the first load cycle of the third load step, while the load was applied in the
retract direction. As the story displacements were increased at each load step, additional
cracking occurred. During tests FBCT3 and FBCT4, the greatest fuse element damage
was observed at the first story level, while the least damage occurred in the fuse elements
at the third story of the test frame.
A bracing rod failure occurred during the first cycle of the final load step of test FBCT4.
The load was being applied in the reverse direction when the rod fractured. The rod was
located at the first story in the left bay (on the opposite side as the reaction frame), behind
the infill wall. As with the other fractured rods, the failure occurred at the end of the rod
near the pin bar connection.
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4.5.5.3 Full Brace Cyclic Test Results

The displacement histories for full brace cyclic tests FBCT1, FBCT2, FBCT3, and
FBCT4 are shown in Figures 4.88 – 4.91, respectively. These displacement histories are
fairly similar to those of the bare frame cyclic tests, shown in Figures 4.76 and 4.77. This
result was expected since the loads applied during these tests were displacement
controlled and based on the same loading protocol as the bare frame cyclic tests.
As with the bare frame cyclic tests, the aim for the full brace cyclic tests was to have the
displacement history at the third story level match the quasi-static load history shown in
Figure 4.75. In comparing this figure with the plots shown in Figures 4.88 - 4.91, some
inconsistencies can be seen between the target and actual third story displacement
histories. In particular, the displacement histories for tests FBCT1 and FBCT3 have
some slight variations from the target history. During these tests, the most significant
differences between the actual and intended load histories occurred during either the first
or second load step, before the peak displacement at the third story reached 0.5 in.
These inconsistencies can be attributed to the fact that the loads applied at each story
level during these tests were manually controlled. As discussed previously, cracking did
not occur in the lumber disk fuse elements until after the displacement at the third story
level reached 0.5 in. Therefore, these slight variations in displacement history had little
influence on the overall response of the structural fuse system to the applied cyclic
loading protocol.
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Figure 4.75: Full brace cyclic test FBCT1 displacement history
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Figure 4.76: Full brace cyclic test FBCT2 displacement history
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Figure 4.77: Full brace cyclic test FBCT3 displacement history
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Figure 4.78: Full brace cyclic test FBCT4 displacement history
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The load histories for tests FBCT1, FBCT2, FBCT3, and FBCT4 are shown in Figures
4.92 – 4.95, respectively. The hysteretic load-deflection behavior at each story level for
the full brace cyclic tests is provided in Appendix C. The load behavior during these
tests was not similar in the forward and retract portions of the load cycles. The load
histories at the third story of the test frame were more similar in the advance and retract
directions than at the other story levels. As with the bare frame cyclic tests, the load
applied at the third story of the test frame in either displacement direction was typically
higher than the loads at the first and second stories.
The peak displacement and load values at each story level for every load cycle of tests
FBCT1, FBCT2, FBCT3, and FBCT4 are given in Tables 4.11, 4.12, 4.13, and 4.14,
respectively. There were several instances during tests FBCT3 and FBCT4 where the
peak load applied at the second story level during a particular load cycle was as much, or
greater than the peak load at the third story. This behavior occurred more often when
load was being applied in the advance direction. During test FBCT4, in particular, the
load applied at the second story of the test frame during the advance portion of the final
four load cycles significantly exceeded the load at the third story.
The load applied at the first story of the test frame during the full brace cyclic tests was
fairly inconsistent. During tests FBCT2 and FBCT4, almost no load was applied at the
first story in the advance direction of the load cycles, while a significant amount of load
was applied at this story in the retract direction. For test FBCT1 and FBCT3 loads were
applied at the first story level in both the advance and retract directions, however, for a
given load cycle, a greater amount of load was typically applied in the retract direction.
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Figure 4.79: Full brace cyclic test FBCT1 load history
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Figure 4.80: Full brace cyclic test FBCT2 load history
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Figure 4.81: Full brace cyclic test FBCT3 load history
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Figure 4.82: Full brace cyclic test FBCT4 load history
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Table 4.10: Full brace cyclic test FBCT1 peak load and displacement values

Table 4.11: Full brace cyclic test FBCT2 peak load and displacement values
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Table 4.12: Full brace cyclic test FBCT3 peak load and displacement values

Table 4.13: Full brace cyclic test FBCT4 peak load and displacement values
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The forces transferred through the fuse elements to the brick infill walls during the full
brace cyclic tests were measured using two strain gages attached to each of the 0.88 in.
dia. steel punching rods at the fuse mechanism locations. Figure 4.96 shows the location
of each of the fuse elements on the steel test frame during the full brace cyclic tests. The
peak forces measured at each of the fuse element locations during the advance and retract
portions of each load cycle during tests FBCT1, FBCT2, FBCT3, and FBCT4 are given
in Tables 4.15 – 4.18, respectively. A picture of each of the lumber disk fuses taken after
the completion of the tests are given in Appendix D.

Figure 4.83: Fuse element locations on test frame
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The rod force data collected during the full brace cyclic tests was not as useful as the data
from the monotonic tests. In some cases the rods were not quite centered on the lumber
disk fuse elements. This is illustrated in Figure 4.97, which shows the lumber disk fuse
element at location 6 during test FBCT1. Depending on the deformation behavior of the
fuse element, this eccentricity resulted in large bending stresses in the punching rod.
In some cases, there was not sufficient engagement of the punching rod threads in the 1
in. thick steel bearing plate attached to the brick infill wall. During the repeated load
cycles some of the rods became loose resulting in uneven contact between the rod and
fuse element. This is illustrated in Figure 4.98, which shows the fuse at location 1 during
test FBCT2.
During these tests, the strain readings from the two strain gages mounted to each rod
were averaged to account for bending stresses in the rod. Due to the large eccentricities
and poor thread engagement at a few of the fuse locations, however, some of the rods
acted more like bending elements than axial members, and the resulting stress
distribution in the rods yielded strain gage readings that were not representative of the
true axial force in the rods. In addition, some of the strain gages may have been damaged
during the tests.
In either case, it is clear from Tables 4.15-4.18, that some of the rod force data obtained
from the strain gages was not an accurate depiction of the forces being transferred at the
fuse locations. In several instances, the strain gage data resulted in rod force values that
were much higher than the actual capacity of the lumber disk fuse elements. In other
cases, the gage data showed significant tensile loads in the rods.
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Figure 4.84: Fuse location 6 during test FBCT1

Figure 4.85: Fuse location 1 during tests FBCT2
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4.5.5.4 Discussion

The target quasi-static loading protocol was followed closely throughout the full brace
cyclic tests. As noted, the few slight differences between the actual and target
displacement histories occurred early in the loading history, and were due to the manual
application of the loads at each story level. An inverted triangle test frame displacement
shape was maintained by applying independent, manually controlled loads at each story
level of the test frame based on the desired story level displacement ratios. This can be
seen by comparing the peak displacements at each story level which are shown in Tables
4.10-4.13 for every load cycle of the full brace cyclic tests.
During these tests, the load behavior was not similar in the forward and retract directions
of the load history. This was particularly true at the first and second stories of the test
frame. Since these tests were displacement controlled, load was applied at these stories
only as needed to maintain the desired displacement shape of the test frame. Given this
loading protocol, and the fact that the loads were manually controlled, it is not surprising
the loads applied to the test frame were not more uniform throughout the tests.
In comparing the load histories from the full brace cyclic tests with those for the full
brace monotonic tests, given in Figures 4.61 and 4.62, it can be seen that a greater
proportion of the total in-plane load was applied at the first and second stories of the test
frame during the cyclic tests. As noted previously, during tests FBCT3 and FBCT4, the
load applied at the second story of the test frame exceeded the load at the third story
during several cycles of the load history. For the monotonic tests, very little load was
applied at the first and second stories of the test frame compared to the third story. It
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seems that the quasi-static loading protocol used for the cyclic tests resulted in greater
loads at the first and second stories of the tests frame. This is may be due to the cyclic
deformation behavior of the lumber disk fuse elements after repeated cycles of damage.
Bracing rod failures were observed during tests FBCT1, FBCT2, and FBCT4. According
to the results of the rod pulling tests performed by Aliaari (2005), the bracing rods reach
their yield point at a tensile load of around 7.1 kips and have an ultimate capacity of
around 8.5 kips. Based on the pressure transducer data obtained during these tests, the
average total in-plane load applied to the test frame in either direction during both cycles
of the final load step was around 31.9 kips. Depending on the proportion of the total inplane load transferred to the infill walls by the fuse elements during this final load step,
the force on the bracing rods at the first story level of the test frame was between 7 and 8
kips. According to this data, the bracing rods were near or at their yield point during the
final load step of the cyclic tests. The rods failed due to the combination of tensile
yielding and rotational restraint at the ends of some of the rods resulting in bending.
Damage was not observed in the brick infill walls during these tests. This shows that the
lumber disk structural fuse elements worked well as seismic isolation devices. The
results of these tests also show that the response of structural frames to in-plane, cyclic
loads can be predetermined by placing fuse elements with different capacities at
particular story levels of the frame. By using a structural fuse, the peak loads
experienced by the structural frame and infill walls can be controlled and limited to
acceptable levels.
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4.5.6 Half Brace Cyclic Tests (HBCT)
4.5.6.1 Half Brace Cyclic Test Summary

The half brace cyclic tests were performed with the same set-up and instrumentation as
the full brace cyclic tests; except the steel bracing rods on the left bay of the test frame
(opposite side from the reaction frame) at each story level were removed, as shown in
Figure 4.50. These bracing rods were removed to reduce the in-plane stiffness of the test
frame in order to study the behavior of the structural fuse system with more flexible
structural frames. Aliaari (2005) found that the structural fuse system was more
beneficial for frames with lower in-plane stiffness.
For the half brace cyclic tests, 1.0 in. fuse elements were used at the first story, 0.75 in.
fuse elements at the second story, and 0.5 in. fuse elements at the third story level. The
same quasi-static loading protocol used for the full brace cyclic tests was also used for
these tests. In-plane loads were applied at each story level of the test frame in the
advance and retract directions. As with the previous tests, the load cylinders at each story
level were independently controlled with a separate, manually operated hydraulic pump.
A total of two half brace cyclic tests were performed as part of the structural fuse system
testing program. During these tests, data was recorded at 100 samples/sec using the same
data acquisition system and instrumentation set-up used for the full brace cyclic tests.
The data was averaged at one sec intervals in post processing.
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4.5.6.2 Half Brace Cyclic Test Observations

The behavior observed during the half brace cyclic tests was similar to that of the full
brace cyclic tests. During these tests, cracking did not occur in the lumber disk fuse
elements until the displacement at the third story of the test frame reached at least 0.5 in.
As with the full brace cyclic tests, damage was not observed in the brick infill walls
either during or after the completion of these tests.
During test HBCT1, fuse element cracking was not observed until the displacement at the
third story of the test frame reached 0.7 in. This occurred during the first cycle of the
fourth load step while load was being applied in the advance direction. Additional
cracking occurred in both displacement directions as the load history was continued and
the peak displacements were increased at each story level during subsequent load steps.
During this test, the greatest fuse element damage occurred in the 0.5 in. lumber disks
located at the third story of the test frame. Reference Figure 4.96 for the fuse locations
on the test frame. Figure 4.99 shows the damage to the 0.5 in. lumber disk at fuse
location 10. Towards the end of the test, the 0.88 in. dia. steel rods began punching
through the 1.0 in. lumber disk fuse elements at the first story level of the test frame.
Figure 4.100 illustrates this behavior at fuse location 3.
During test HBCT2, the first fuse element cracking occurred at a third story deflection of
0.5 in., during the first cycle of the third load step, while load was being applied in the
retract direction. From this point, increased cracking occurred in the fuse elements as the
quasi-static load history was continued. During the second cycle of the final load step,
little additional cracking was observed.
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Figure 4.86: Cracking of 0.5 in. disk at fuse location 10 during test HBCT1

Figure 4.87: Rod punching in 1 in. disk at fuse location 3 during test HBCT1
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4.5.6.2 Half Brace Cyclic Test Results

The displacement histories for half brace cyclic tests HBCT1 and HBCT2 are given in
Figures 4.101 and 4.102, respectively. During these tests there were some variations in
the displacement histories from the target, cyclic loading protocol. These are circled in
Figures 4.101 and 4.102. These inconsistencies reflect the difficulty in maintaining exact
displacement histories at three different story levels using independent, manually
controlled loads. For the most part, however, the set-up used for this testing program was
successful in producing the desired quasi-static loading protocol.
During test HBCT1, the peak displacement for the second cycle of the fifth load step
exceeded the target value in both the advance and retract directions. The maximum third
story displacement in both loading directions during this cycle was 1.4 in., instead of the
target peak displacement value of 1.2 in. After this load cycle, the target displacement
history was followed for the remainder of the test.
For test HBCT2, the peak displacement in the advance and retract directions during the
second cycle of the first load step was less than the 0.3 in. target value. During the
second load step, an extra cycle was performed with a peak displacement value of 0.4 in.
in both loading directions. The target displacement history was followed from this point,
until the first cycle of the fifth load step. During the fifth load step, the peak
displacement in the retract direction for both load cycles was slightly less than the target
value of 1.2 in. Likewise, the peak value in the advance direction of the second load
cycle was less than 1.2 in. For both cycles of the sixth load step, the maximum third
story displacement was very close to the target value of 1.4 in. in both loading directions.
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Figure 4.88: Half brace cyclic test HBCT1 displacement history
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Figure 4.89: Half brace cyclic test HBCT2 displacement history
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The load histories for the two half brace cyclic tests are shown in Figures 4.103 and
4.104. The load behavior during these tests was similar to the full brace cyclic tests. As
with the full brace tests, the loads applied to the test frame at each story level were not
similar in the advance and retract directions. As a result, the hysteretic load-deflection
behavior for these tests, shown in Appendix C, was not symmetrical.
For these tests, very little load was applied to the test frame at the first story level. The
magnitude of the loads at the second story, however, was significant. During the advance
portion of several of the load cycles the load applied at the second story level was greater
than the load at the third story, particularly toward the end of the tests. Similar behavior
was seen for the full brace cyclic tests. The peak load and displacement values for each
load cycle of tests HBCT1 and HBCT2 are given in Table 4.19 and 4.20, respectively.
The peak forces transferred through the 0.88 in. dia. steel rods at the fuse mechanism
locations during these tests are provided in Tables 4.21-4.22. The locations of each of the
fuse elements on the test frame are shown in Figure 4.96. Due to eccentricities and poor
contact between the steel punching rods and fuse elements at some of the fuse mechanism
locations, not all of the rod force data collected during these tests was an accurate
representation of the forces in the fuse elements during the half brace cyclic tests. As
with the full brace cyclic tests, the strain data obtained at some of the fuse locations
indicated rod forces which were much greater than the capacities of the lumber disk fuse
elements. Some of the rod force data showed large tensile loads on the steel punching
rods which does not make sense given the design of the fuse mechanism. Pictures of
each of the fuse elements taken after the half brace cyclic tests are given in Appendix D.
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Figure 4.90: Half brace cyclic test HBCT1 load history
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Figure 4.91: Half brace cyclic test HBCT2 load history
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Table 4.14: Half brace cyclic test HBCT1 peak load and displacement values

Table 4.15: Half brace cyclic test HBCT2 peak load and displacement values
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4.5.6.4 Discussion

The target story level displacements were not maintained as closely during the half brace
cyclic tests, as they were for the full brace cyclic tests. This was due to the fact that the
loads at each story level were manually controlled. In order to create a first mode,
inverted triangle displacement shape of the test frame, the target displacement at the
second story was two-thirds of the third story displacement, while the target displacement
at the first story was one-third of the third story displacement. As can be seen by
comparing the peak displacements at each story level, shown in Tables 4.18 and 4.19, for
each load cycle of the half brace cyclic tests, these target ratios were not maintained
during every load cycle.
For both of the half brace cyclic tests, the load applied at the second story of the test
frame exceeded the load at the third story during the advance portion of several of the
load cycles. In general, the proportion of the total in-plane load applied to the test frame
at the second story level was greater for the half brace tests than the full brace cyclic
tests. This may be due in part to the fact that the target story level displacements were
not maintained as closely during these tests. Other factors that should be considered are
the bracing configuration and fuse element distribution. Since only half of the steel
bracing rods were used for these tests, the relative in-plane stiffness of the bracing rods
vs. the infill walls was less. For these tests, the weakest fuse elements were located at the
third story level. As increasing damage occurred to the fuse elements during subsequent
load cycles, the in-plane stiffness at the third story was reduced. It makes sense that this
would result in greater story forces at the second story level.

258
4.6 Parametric Testing Program
4.6.1 Parametric Testing Program Overview

The parametric testing program was performed to evaluate the performance of the
structural fuse system for use with various masonry materials. During these tests, inplane, monotonic loads were applied in the advance direction to the two-bay, three-story
steel test frame at the third story level using a hydraulic cylinder and a manually
controlled hydraulic pump. These tests were performed with infill panels constructed of
concrete masonry units (CMU) and autoclaved aerated concrete (AAC) blocks. The HCT
infill panel specimens were not tested since they had very low in-plane strength and were
damaged during handling in the lab. The infill panel specimens used in this study were
constructed by professional masons at the same time as the wall specimens tested during
the masonry infill wall destructive shear tests.
Lumber disk fuse elements were installed at the fuse mechanism locations on the
compression side of each of the infill walls. The fuse element thicknesses were chosen
based on the strength of the masonry infill wall material. For some of these tests, the
same fuse element thickness was used at each story level. For the other tests a different
fuse element thickness was used at each story level. Two different bracing configurations
were tested including the full-brace configuration, with all of the diagonal bracing rods in
place on the test frame, and the half-brace set-up with only one set of bracing rods
installed at each story level. A total of two tests were performed for each of the
configurations considered in this testing program. For ease of reference, the parametric
test matrix given in Table 3.7 is provided in Table 4.23. The parametric test
configuration diagrams shown in Figure 3.43 are also given in Figure 4.105.
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Table 4.16: Parametric testing program test matrix
Test

Masonry
Material

Description

CMUT1
CMUT2
CMUT3
CMUT4
CMUT5
CMUT6
AACT1
AACT2
AACT3
AACT4
AACT5
AACT6

CMU
CMU
CMU
CMU
CMU
CMU
AAC
AAC
AAC
AAC
AAC
AAC

Fully braced, with fuse elements
Fully braced, with fuse elements
Fully braced, with fuse elements
Fully braced, with fuse elements
Half braced, with fuse elements
Half braced, with fuse elements
Fully braced, with fuse elements
Fully braced, with fuse elements
Fully braced, with fuse elements
Fully braced, with fuse elements
Half braced, with fuse elements
Half braced, with fuse elements

Fuse Element Thickness (in.)
1st
2nd
3rd
Story
Story
Story
0.875
0.75
0.5
0.875
0.75
0.5
0.5
0.5
0.5
0.5
0.5
0.5
0.875
0.75
0.5
0.875
0.75
0.5
0.75
0.5
0.25
0.75
0.5
0.25
0.25
0.25
0.25
0.25
0.25
0.25
0.75
0.5
0.25
0.75
0.5
0.25

Figure 4.92: Parametric testing program test configurations
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4.6.2 Parametric Tests with CMU Wall Specimens (CMUT)
4.6.2.1 CMU Test Summary

The CMU infill wall panels were installed on the test frame as shown in Figure 4.106.
During these tests load was applied to the test frame in one direction using a single
hydraulic cylinder attached at the third story level. Hydraulic flow was supplied to the
cylinder using a manually operated hydraulic pump. Aliaari (2005) performed monotonic
tests of the structural fuse system with brick infill walls using this same set-up.
For tests CMUT1, CMUT2, CMUT5 and CMUT6, different fuse element thicknesses
were used at each story level including 0.875 in. disks at level 1, 0.75 in. disks at level 2,
and 0.5 in. disks at level 3. For tests CMUT3 and CMUT4, 0.5 in. disks were used at all
of the fuse element locations, as shown in Figure 4.105. As with the monotonic tests
performed by Aliaari, two different bracing configurations were considered in this testing
program. The full-brace configuration was used during tests CMUT1-CMUT4, while the
half-brace set-up was used for tests CMUT5 and CMUT6.
During the CMUT tests, monotonic, in-plane loads were applied to the test frame in the
advance direction until the displacement at the third story level reached between 1.4 in.
and 1.9 in. The displacement of the test frame was measured using two linear string
potentiometers attached at each story level. The load applied to the test frame was
recorded using a single pressure transducer attached to the hydraulic load cylinder. Data
was collected at 100 samples/sec and averaged during post processing.
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Figure 4.93: Test frame with CMU wall panels

Figure 4.94: Parametric test fuse element locations
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4.6.2.2 CMU Test Observations

Before the start of the CMUT tests, a crack was noticed in the CMU infill wall located at
the second story level on the right bay (adjacent to the reaction frame). The crack
occurred while the CMU wall panel was being installed on the test frame. As shown in
Figure 4.108, the crack was located at the bottom right corner of the panel. Since load
was only applied in the advance direction during these tests, this crack had no impact on
the in-plane strength of the wall panel during the CMUT tests.
For tests CMUT3 and CMUT4, the force transferred through the 0.88 in. dia. steel
punching rods at the fuse element locations was measured using two strain gages attached
to each rod. The data from these strain gages was not very useful, however, due to
eccentricities which caused the stresses in the rods to be dominated by bending rather
than axial force. Similar rod force behavior was observed during the cyclic testing
program as described in section 4.5.5.3.

Figure 4.95: Crack at lower right corner of CMU wall panel
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This behavior was due in part to the misalignment of the 0.88 in. dia. punching rods with
the center of the lumber disk fuse elements. The punching rods were threaded into the 1
in. x 3 in. x 3 in. steel bearing plates which were epoxied to the infill wall panels at the
fuse mechanism locations. Although care was taken to locate the bearing plates on each
infill panel so that they were correctly aligned with the fuse mechanism, in some cases
the rods were off center, resulting in eccentricity and bending in the rod. This is
illustrated in Figure 4.109 which shows the punching rod a fuse location 10.
Strain gages were not used for the other parametric tests. In order to document the fuse
element behavior during these tests, the loading history was paused when cracking was
observed at the fuse locations. The location of the cracking was noted and pictures of the
cracked fuse elements were taken before the test was resumed. Pictures of every lumber
disk fuse element were also taken after the completion of each of the parametric tests.
These are provided in Appendix E.

Figure 4.96: Misalignment of punching rod at fuse location 10
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For test CMUT1, lumber disk cracking was initially observed at the third story; at fuse
locations 10 and 12. As the test continued, additional damage was observed at these
locations. Additional in-plane load was applied at the third story, resulting in cracking in
the lumber disks at the first and second stories of both bays. During this test, the lumber
disks at fuse mechanisms 10 and 12 were both broken into three separate pieces. Major
cracking was also seen in the disks at locations 4 and 6, while minor damage was
observed at fuse mechanisms 2 and 8.
During test CMUT2, the first fuse element cracking occurred at fuse location 10. As
additional in-plane load was applied at the third story, significant damage was observed
at fuse 10, as shown in Figure 4.110. Early cracking was also seen at fuse element 12.
As the test was continued, cracking occurred at fuses 6 and 8, and increased damage was
seen at locations 10 and 12.

Figure 4.97: Damage to fuse 10 during test CMUT2
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When the displacement at the third story of the test frame reached around 1.56 in., one of
the diagonal bracing rods at the third story in the left bay fractured at the connection to
the pin bar, as shown in Figure 4.111. This fracture location was consistent with the rod
failures observed during the cyclic tests, as discussed in section 4.5.5.2. During this test,
the greatest fuse element damage occurred at locations 10 and 12, where the lumber disks
were broken into multiple pieces. Significant cracking was also seen at fuse mechanisms
2 and 6, while less damage occurred at locations 4 and 8.

Rod Failure Location

Figure 4.98: Diagonal bracing rod failure during test CMUT2

For tests CMUT3 and CMUT4, 0.5 in. lumber disk fuse elements were used at each story
level. During test CMUT3, the greatest fuse element damage occurred at locations 10
and 4. Both of these disks were broken into separate pieces. Major cracking was also
seen in the lumber disk at fuse location 6. Moderate fuse damage occurred at locations 2
and 8, while very minor cracking was observed at fuse mechanism 12.
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For test CMUT4, the greatest fuse element damage was seen at locations 6 and 10. The
disk at location 6 was broken into two pieces, while the disk at fuse element 10 had a
middle strip bending failure. Major fuse element cracking was observed at locations 2
and 4, while moderate cracking was seen at fuse mechanism 8. Only minor damage
occurred to the lumber disk at location 12.
The half-brace configuration was used for tests CMUT5 and CMUT6. The same initial
fuse element behavior seen during tests CMUT1 and CMUT2 was also observed during
these tests. For both CMUT5 and CMUT6, initial fuse element cracking occurred first at
location 10 then at location 12. For test CMUT5, the greatest fuse damage was seen at
location 10. Major cracking was also observed at fuse locations 2, 4, and 8. Moderate
damage occurred at fuse mechanism 12, while no cracking was observed at location 6.
For test CMUT6, the greatest fuse damage also occurred at location 10. Major cracking
was also observed at fuse mechanism 2. Only moderate damage was seen in the lumber
disk fuse elements 6 and 12, while very minor damage occurred at locations 4 and 8.

4.6.2.3 CMU Test Results

The displacement histories at each story level of the test frame for tests CMUT1-CMUT6
are given in Figures 4.112 – 4.117. The dashed lines on the displacement history curves
in these figures correspond to points during the tests when the load history was paused in
order to take pictures of the fuse element locations. It can be clearly seen from these
plots, that the story level displacement ratios during these tests were different from the
ratios that were maintained during the cyclic tests, by applying load at each of the story
levels.
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Figure 4.99: CMUT1 (0.875, 0.75 and 0.5 in. disks) displacement history
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Figure 4.100: CMUT2 (0.875, 0.75 and 0.5 in. disks) displacement history
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Figure 4.101: CMUT3 (0.5 in. disks) displacement history
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Figure 4.102: CMUT4 (0.5 in. disks) displacement history
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Figure 4.103: CMUT5 (0.875, 0.75 and 0.5 in. disks, half brace) displacement history

1st Story

2nd Story

3rd Story

1.8
1.6

Displacement (in.)

1.4
1.2
1
0.8
0.6
0.4
0.2
0
0

10

20

30

40

50

60

70

80

90

100

110

120

130

Time (sec)

Figure 4.104: CMUT6 (0.875, 0.75 and 0.5 in. disks, half brace) displacement history
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The load histories for the CMU parametric tests are shown in Figure 4.118. During test
CMUT4, a problem occurred with the pressure transducer, resulting in a loss of load data
for this test. As can be seen in Figure 4.118, the rate of the displacement controlled load
applied during test CMUT5, was significantly slower than during the other CMUT tests.
A plot of the load-displacement behavior for each of the CMU parametric tests is given in
Figure 4.119. The load-displacement behavior for tests CMUT1 and CMUT2 was very
similar until the displacement at the third story reached around 1.1 in. At this point of
CMUT2, the stiffness of the test frame began to decrease. The stiffness of the test frame
during test CMUT3 was slightly less than that of tests CMUT1 and CMUT2. This makes
sense since 0.5 in. lumber disk fuse elements were used at each story level during this
test. For tests CMUT5 and CMUT6 the half-brace configuration was used, resulting in
significantly less in-plane frame stiffness, as shown in Figure 4.119. Although the loaddisplacement curve for test CMUT6 was slightly less steep than that of CMUT5, the
overall load-displacement behavior for these two tests was very similar.
In general the load-displacement curves for these tests were fairly linear following the
first stage of behavior. During this initial stage, the bracing rods were tightening up, and
the 0.88 in. dia. punching rods were just beginning to push against the lumber disk fuse
elements. Toward the end of the tests, the load-displacement curves became slightly less
steep due to the loss of stiffness resulting from failure of the lumber disk fuse elements
and disengagement of the CMU infill panels from the in-plane load resistance.
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Figure 4.105: CMUT third story load histories
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4.6.2.4 Discussion

In general, the structural fuse system performed well during the CMU parametric tests.
The CMU infill panels participated in the in-plane load resistance of the test frame up to
the point where the capacity of the lumber disk fuse elements was reached. At this point
the infill walls were disengaged from the frame preventing damage to the masonry
material. The CMU infill panels were examined after each test, and no damage was
observed in the walls, except for the slight crack that occurred at the lower right corner of
one of the panels before the start of the parametric tests.
During these tests, the displacements at the first and second story levels lagged slightly
behind the story level displacement ratios required to maintain an inverted triangle
displacement shape. This is not surprising since the in-plane loads were applied only at
the third story during these tests. The rate of displacement for these tests varied,
however, this did not seem to influence the frame load-displacement behavior.
For tests CMUT1 and CMUT2, both of the fuse elements at the third story level reached
their maximum capacities resulting in failure of the lumber disks and disengagement of
the CMU infill walls. This behavior was expected since for these tests, the weakest fuse
elements were located at the third story level. For tests CMUT3 and CMUT4, the same
fuse element thickness was used at each story level. During test CMUT3, one of the fuse
elements at the first story failed, while for test CMUT4, a lumber disk at the second story
failed. This behavior demonstrates the importance of using an appropriate fuse element
distribution in multi-story structural frames to control the failure sequence of the fuse
elements and avoid a soft story mechanism.
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4.6.3 Parametric Tests with AAC Wall Specimens (AACT)
4.6.3.1 AAC Test Summary

For these tests the AAC infill wall panels were put in place on the test frame as shown in
Figure 4.120. As with the CMU tests, monotonically increasing loads were applied at the
third story of the test frame by a load cylinder controlled by a manually operated
hydraulic pump. The load was applied in the advance direction until the displacement at
the third story level reached between 1.4 in. and 2.0 in.
For tests AACT1, AACT2, AACT5, and AACT6; 0.75 in., 0.5 in., and 0.25 in. lumber
disk fuse elements were used at the first, second, and third stories, respectively. For tests
AACT3 and AACT4, 0.25 in. disks were used at all of the fuse element locations. The
full-brace configuration was used for tests AACT1-AACT4, while the half-brace
configuration, which is shown in Figure 4.120, was used for AACT5 and AACT6.
The same instrumentation used for the CMU tests was also used for the AAC tests. The
displacement at each story level was recorded using linear string potentiometers, while
the load applied by the hydraulic cylinder was measured using a single pressure
transducer. Data was collected at 100 samples/sec and averaged during post processing.
No strain gage data was collected during these tests. Instead, the load history was paused
when cracking was observed at the fuse element locations to take pictures and document
the fuse element behavior.
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Figure 4.107: Test frame with AAC wall panels

4.6.3.2 AAC Test Observations

During test AACT1, the initial fuse element cracking was observed at disk location 10,
when the third story displacement reached around 0.45 in. The next fuse element
cracking occurred at location 6. The first major fuse element damage was observed at
location 12, when the displacement at the third story reached around 0.9 in. During this
test, the greatest fuse damage occurred at fuse elements 10 and 12. Both of these lumber
disks were broken into two separate pieces. Significant cracking was also seen at
location 6. Only minor damage occurred at fuse locations 2, 4, and 8.
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At the end of AACT1, the 1 in. x 3 in. x 3 in. steel bearing plates at fuse locations 6, 10,
and 12 were separated from the AAC infill wall panels. This was the result of local
crushing failures of the AAC material during the test. Figure 4.121 shows damage to the
AAC infill wall at fuse location 6 during test AACT1. Figure 4.122 shows the same fuse
location at the end of the test after the bearing plate was removed from the wall. The
bearing plates were reattached to the wall panels using quick setting epoxy.
For test AACT2, the first fuse element cracking also occurred at fuse location 10, at a
third story displacement of around 0.65 in. When the displacement at the third story
reached 0.75 in., cracking was observed at fuse 12. Increased fuse element damage
occurred at these locations as the loading history continued. When the third story
displacement reached around 1.25 in., cracking was also seen at fuse location 6. During
the test, the fuse at location 10 was broken into three pieces. The fuse elements at
locations 6 and 12 were both broken into two pieces. Significant cracking was seen at
location 2 and 8, while only minor damage occurred at fuse location 4.

Local AAC Failure

Figure 4.108: Local crushing of AAC material
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Figure 4.109: Plate separation from AAC wall panel after AACT1

During test AACT3, the first fuse element cracking was observed at fuse locations 10 and
12. This initial cracking occurred at a third story displacement of around 0.75 in. The
first significant lumber disk crack was seen at a third story displacement of close to 0.95
in., at location 10. As the test progressed, additional cracking occurred at fuse elements
10 and 12, and damage was observed at locations 6 and 8. Toward the end of the test,
cracking was also seen at fuse locations 2 and 4.
During this test, the greatest fuse damage occurred at fuse elements 10 and 12.
Significant cracking was also observed at locations 4 and 6, while fuse elements 2 and 8
experienced very little damage. At the end of test AACT3, the 1 in. x 3 in. x 3 in. steel
bearing plate at fuse location 10 had to be re-epoxied onto the AAC infill wall panel due
to local crushing of the AAC material, as shown in Figure 4.123.
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Figure 4.110: Plate separation from AAC wall panel during AACT3

The initial fuse element behavior observed during test AACT4 was similar to the
behavior seen during test AACT3. The first cracking occurred at a third story
displacement of 0.75 in., at fuse locations 10 and 12. Additional cracking was observed
at these locations as well as at fuse element 8 when the displacement at the third story
reached 0.95 in. A large crack occurred at fuse 4 at a third story displacement of 1.1 in.,
as shown in Figure 4.124. As the test continued, additional damage occurred at the
previously cracked fuse elements, and cracking was also observed at locations 6 and 2.
During this test the greatest damage occurred to fuse elements 10 and 6, which were both
broken into separate pieces. Figure 4.125 shows the damage at fuse location 6 at the end
of this test. Disk 4 also experienced major cracking. Only slight damage was seen at
fuse elements 2, 8, and 12. After the completion of this test, the steel bearing plate a fuse
location 6 had to be epoxied back onto the AAC infill wall due to local failure of the
AAC material.
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Figure 4.111: Cracking at fuse location 4 during test AACT4

Figure 4.112: Damage at fuse location 6 during test AACT4

The first fuse cracking observed during test AACT5 occurred at a third story
displacement of 0.3 in., at fuse location 10. Additional cracking was seen at this fuse
element at a third story displacement of around 0.8 in. At this time, cracking was also
seen at fuse 12. When the frame displacement reached 1.2 in., major cracking occurred
at fuse 10, leading to a middle strip bending failure of the lumber disk. As the test
progressed, a similar failure occurred at fuse 12. During this test, fuse elements 10 and

279
12 were both broken into separate pieces. Significant cracks were also observed a fuse
locations 2, 6, and 8, while only minor damage was seen at location 4. As intended, the
greatest damage occurred to the fuse elements at the third story level, while the least
damage was observed at the first story level.
For test AACT6, fuse element cracking initiated at a third story displacement of 0.45 in.
As with the test AACT5, the first cracks occurred at fuse locations 10 and 12. As the test
progressed, additional cracking occurred at these locations as well as at fuse elements 6
and 8. Significant damage was observed at fuse locations 6, 8, 10, and 12, as the
displacement at the third story of the test frame was increased. The lumber disks at these
locations were all broken into separate pieces. Although the lumber disk fuse elements at
the second and third stories of the test frame failed, only slight damage occurred to the
fuse elements at the first story. At the end of the test, a diagonal bracing rod at the
second story level on the right bay of the test frame fractured near the connection
location. This failure was similar to the rod failures observed during the cyclic tests.

4.6.3.3 AAC Test Results

The displacement histories at each story level of the test frame for the AAC tests are
shown in Figures 4.126 - 4.131. The points at which the displacement history was paused
during AAC tests are indicated by a dashed line in these figures. As with the CMU
parametric tests, the displacements at the first and second stories lagged behind the story
level displacement ratios required for an inverted triangle displacement shape.
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Figure 4.113: AACT1 (0.75, 0.5 and 0.25 in. disks) displacement history
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Figure 4.114: AACT2 (0.75, 0.5 and 0.25 in. disks) displacement history
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Figure 4.115: AACT3 (0.25 in. disks) displacement history
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Figure 4.116: AACT4 (0.25 in. disks) displacement history
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Figure 4.117: AACT5 (0.75, 0.5 and 0.25 in. disks, half brace) displacement history
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Figure 4.118: AACT6 (0.75, 0.5 and 0.25 in. disks, half brace) displacement history
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The load histories for the AAC parametric tests are shown in Figure 4.132. The
magnitude of the loads shown in Figure 4.132, however, is not consistent with the
maximum load values seen during the brick and CMU monotonic tests. The maximum
load applied at the third story during the brick monotonic tests performed by Aliaari
(2005) was 33,400 lb. The maximum load applied at the third story during the CMU
parametric tests was 35,600 lb.
During the masonry wall destructive shear tests, the in-plane capacity of the AAC wall
specimens was much less than the brick and CMU walls. According to Figure 4.132,
however, the maximum load applied to the test frame during the AAC parametric tests
was approximately two times greater than for the brick and CMU tests. This does not
seem feasible, since it was expected that these loads would actually be less than those
applied during the brick and CMU tests. Most likely an incorrect scale factor was used or
some other error occurred with the data acquisition system during these tests.
The load-displacement behavior for the AACT tests is given in Figure 4.133. Although
the magnitude of the loads seems to be too high, the general load-displacement behavior
seen in this Figure is consistent with the previous monotonic tests. As expected, the
slope of the load-displacement curves is slightly steeper for tests AACT1 and AACT2
than for AACT3 and AACT4. Although the full-brace configuration was used for all
four of these tests, thicker fuse elements were used at the first and second stories during
AACT1 and AACT2, resulting in a greater contribution to the in-plane frame stiffness by
the AAC infill panels. For tests AACT5 and AACT6, the half-brace configuration was
used, resulting in lower in-plane frame stiffness.
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Figure 4.119: AACT third story load histories
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Figure 4.120: AACT third story load-deflection behavior

1.8

2

285
4.6.3.4 Discussion

During the AAC parametric tests, in-plane shear failure of the AAC infill panels was
prevented by the lumber disk fuse elements. Local crushing failure of the AAC material,
however, was observed during these tests at several fuse element locations. This local
material failure did not seem to cause a reduction in the in-plane resistance of the AAC
walls. Repairs were required to maintain the functionality of the fuse mechanism.
The crushing damage observed during these tests was seen at fuse locations with 0.25 in.,
0.5 in., and 0.75 in. fuse elements. According to the results of the lumber disk puncture
tests, the average maximum capacities of the 0.5 in. and 0.75 in. lumber disks were 2,396
lb and 4,297 lb, respectively. The average capacity of the 0.25 in. disks, which were
tested after the completion of the parametric tests, was 1,032 lb. The average ultimate
shear capacity of the AAC wall panels from the masonry wall destructive shear tests was
12.8 kips. According to this data, the local AAC material failures observed during these
tests occurred at load magnitudes that were much less than the ultimate capacity of the
AAC wall panels. To avoid this type of premature failure of the AAC material, a
different fuse mechanism configuration should be considered for AAC infill panels.
During these tests, the capacity of the fuse elements used at each fuse location had a
significant influence on the in-plane behavior of the test frame. The contribution of the
AAC infill panels to the in-plane stiffness of the test frame was successfully controlled by
varying the capacity of the lumber disk fuse elements used at each story level. Using
appropriate fuse element capacities in the structural fuse system is the key to preventing
damage to the infill material and promoting desirable in-plane frame behavior.
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4.7 Summary of Experimental Results
4.7.1 Lumber Disk Puncture Tests

As part of this experimental program, lumber disk puncture tests were performed to study
the behavior of the structural fuse elements used during the cyclic and parametric tests.
The results from the puncture tests were consistent with those obtained during similar
tests performed by Aliaari (2005). As discussed by Aliaari, the lumber disk fuse
elements demonstrated consistent load-deflection behavior and failure modes. The
failure modes observed during these tests were not sudden or brittle, and the disk
specimens demonstrated significant post peak load resistance. This type of fuse behavior
is beneficial for improving the ductility and in-plane response of structural systems.
Overall, the lumber disk fuse elements had very consistent behavior. Except for the 0.5
in. thick disk specimens, the coefficient of variation for the disk capacities of each
thickness was less than 9 percent. The coefficient of variation for the 0.5 in. disks was
18.5 percent. The relationship between disk thickness and fuse capacity was fairly linear,
which is helpful for determining an appropriate disk thickness for a given target fuse
element capacity. Based on the ductile failure modes, consistent load-deflection
behavior, low variability in capacity, and linear thickness-capacity relationship observed
during these tests, the lumber disks are viable option for use as a structural fuse element.

4.7.2 Masonry Wall Panel Shear Tests and Prism Tests

Masonry wall panel shear tests and prism tests were performed during this testing
program to determine the in-plane shear strengths and compressive strengths of the
masonry infill walls tested during the cyclic and parametric structural fuse system tests.
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Based on the results of similar tests performed by Aliaari (2005), the average in-plane
shear strength of the brick wall panels was 23.3 kip, and the corrected compressive
strength, f m' , was 3600 psi. The in-plane stiffness of these walls was 45 kip/in.
For the CMU wall panel specimens, the average in-plane shear strength and stiffness
were 22 kip and 88.7 kip/in, respectively. The corrected compressive strength of the
CMU material was 2684 psi. The AAC walls had an in-plane stiffness of 40 kip/in. and
an average capacity of 12.8 kip. The corrected compressive strength of the AAC material
was 475 psi. The HCT wall panel specimens were very brittle, and had an average inplane capacity of only 4.2 kip, with a stiffness of 20.9 kip/in. The HCT prism specimens
with cells oriented in the horizontal direction had a corrected compressive strength of
2185 psi, while the prisms with the cells in the vertical direction had a compressive
strength of 2304 psi.
According to these results, the in-plane shear strength of the CMU wall panels was
slightly lower than that of the brick panels, however, the in-plane stiffness was about two
times greater than the brick specimens. The compressive strength of the brick was about
30 percent greater than the CMU material. The in-plane shear strength and stiffness of
the AAC panels were about half those of the CMU walls, while the compressive strength
was only about 18 percent of the CMU material strength. Although the compressive
strength of the HCT material was only slightly lower than that of the CMU material, the
shear strength and in-plane stiffness were both around 20 percent of the CMU values.
Based on the results of these tests, HCT infill panels should be isolated from structural
frames and not relied on to carry in-plane lateral loads.
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4.7.3 Cyclic Testing Program

The cyclic testing program was performed to evaluate the response of the structural fuse
system to an in-plane, cyclic loading protocol. As part of this protocol, displacement
controlled loads were applied at each story of the three-story test frame in an inverted
triangle, first-mode deflection shape. During the monotonic tests performed by Aliaari
(2005), displacement controlled loads were applied to the same test frame at the top story
only. For the bare frame tests, this difference in loading protocol did not have much of
an impact on the behavior of the frame and the story level deflection ratios were very
close to an inverted triangle deflection shape.
For the tests performed by Aliaari (2005) with lumber disk fuse elements, however, the
displacement shape of the test frame was not as close to the inverted triangle, first mode
deflection shape. During these tests, the displacements at the first and second stories
lagged behind the story level displacement ratios required for a first mode shape. This
same behavior was observed during the parametric tests performed as part of this testing
program. During these tests, load was also applied at the third story only.
For the full brace and half brace cyclic tests performed during this testing program, a
greater percentage of the total in-plane load was applied at the first and second levels
than during the bare frame tests. As discussed in this chapter, this was partly due to the
cyclic loading protocol used for these tests. As increasing damage occurred to the fuse
elements during each load step, the relative in-plane stiffness at each story level changed
based on the fuse element distribution and bracing configuration. This resulted in a
different load distribution to the test frame than was observed during the monotonic tests.
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For the cyclic tests, loads were applied to the test frame in both in-plane directions. In
general, similar frame behavior was seen in both directions, even though the loads
applied at each story level during the cyclic tests were not always consistent in both
directions. A greater percentage of the total in-plane load was applied at the first and
second story levels during the cyclic tests compared with the monotonic tests. For the
cyclic tests performed using the half-brace configuration, an even greater percent of the
total in-plane load was applied at the lower stories.
For actual buildings subject to in-plane lateral loads, the story forces are distributed to the
lateral force resisting frame elements according to their relative in-plane stiffness. As
discussed by Aliaari (2005), it is desirable to have stronger fuse elements and
consequently, greater in-plane stiffness at the lower levels of the structural frame to avoid
a soft story mechanism. The results of the cyclic testing program showed that having
stronger fuse elements at the first and second stories of the test frame resulted in a larger
percentage of the total in-plane load being applied at these levels. This behavior was not
captured by applying monotonic loads at the top story level of the test frame.
For the cyclic tests where different fuse element thicknesses were used at each story
level, the distribution of fuse element damage was more sporadic than for the monotonic
tests performed by Aliaari (2005). In both testing programs the greatest fuse element
damage was seen at the third story, where the weakest fuse elements were located. For
the cyclic tests, however, significant damage was also observed at the other story levels.
For the cyclic tests where the same disk thickness was used at all of the story levels, the
greatest damage was observed in the disks at the first story level. This result was
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consistent with the tests performed by Aliaari (2005). Based on this observation, it is
important to use higher capacity fuse elements at the lower story levels.
The steel bracing rods connected to the two-bay, three-story test frame during the cyclic
tests were sized to simulate the stiffness of an equivalent steel moment frame. The intent
of these tests was to obtain as much data as possible regarding the in-plane behavior of
the structural fuse system within the confines of the available equipment and test
apparatus. As a result, the deformation level applied to the test frame during the final
load step of the cyclic tests resulted in forces in the bracing rods which were at or above
the yield point of the rods. For some of the tests this resulted in failure of the rods due to
a combination of tensile yielding and bending.
During the cyclic testing program the lumber disk fuse elements successfully isolated the
brick infill walls from the test frame as the in-plane story forces increased. No damage
was observed to the brick infill walls. The cyclic application of the loads to the fuse
elements did not have a significant influence on behavior of the lumber disks. Since a
quasi-static cyclic loading history was used, the affect of the loading rate on the behavior
of the lumber fuse elements was not evaluated during this testing program.

4.7.4 Parametric Testing Program

The parametric testing program was performed to evaluate the use of the structural fuse
system for various masonry materials. During these tests, in-plane monotonic loads were
applied at the third story of the two-bay, three-story test frame. The masonry materials
considered in this study included concrete masonry units (CMU) and autoclaved aerated
concrete (AAC).
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The results of the parametric tests showed that the structural fuse system can be
successfully used to prevent damage to infill walls constructed of various masonry
materials. During these tests, the CMU and AAC infill panels participated in the lateral
load resistance of the test frame and contributed to the in-plane stiffness. In-plane shear
failure of the CMU and AAC wall panels was prevented by the lumber disk fuse
elements.
During the AAC tests, local material crushing was observed at the location of the fuse
mechanism. Although this behavior did not result in brittle failure of the infill panels, it
showed that local failure of the masonry material must be considered in the design of the
fuse element. In addition to preventing in-plane failure of infill panels, the structural fuse
system should be designed and detailed to be durable and require as little maintenance as
possible.
Bracing rod failures were also observed during these tests. Although a cyclic loading
protocol was not used during the parametric tests, the third story deflection applied to the
test frame during some of these tests exceeded the maximum third story displacement
applied during the cyclic tests. This resulted in bracing rod forces which exceeded the
ultimate tensile capacity of some of the bracing rods.
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Chapter 5 – Analytical Modeling and Design Guidelines
5.1 Overview

For the structural fuse system to be used in the design of new structures or retrofit of
existing buildings, practical guidelines must be developed that are easy to implement in
the design office. Aliaari (2005) developed a method for calculating the in-plane strength
of masonry infill walls for use with the structural fuse system. This approach was based
on the data from masonry wall tests performed by Aliaari, as well as analytical
expressions presented by other researchers and design provisions. Aliaari also presented
a method for determining an appropriate arrangement of fuse element capacities in multistory buildings so a desirable fuse element failure sequence is achieved.
In this chapter, a similar approach for determining the in-plane strength of masonry infill
panels in the structural fuse system is presented using new data from the masonry wall
panel shear tests. This method is based on the analysis presented by Aliaari (2005), and
the design equations published by the Masonry Standards Joint Committee (MSJC 2008).
Several design equations are presented for determining the nominal in-plane strength of
infill walls constructed from brick, CMU, and AAC masonry.
To develop a simplified method for the analysis of the structural fuse system using a
macro model approach, the two-bay, three-story test frame used for the structural fuse
system tests was modeled using SAP2000 v14 (Computers and Structures, Inc.). An
equivalent diagonal compression strut was used to represent the in-plane behavior of the
masonry infill panels. The results from this analysis were compared with the empirical
results obtained during the full brace monotonic tests and the parametric test program,
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with the purpose of evaluating this method for use in the design of multi-story structural
frames. The goal of this study was to develop a simplified analysis technique that could
be easily incorporated in the design office using typical structural analysis and design
software. Several design recommendations are presented at the end of this chapter based
on this analysis and the results obtained from the structural fuse system testing program.

5.2 In-Plane Strength of Masonry Infill Panels in the Structural Fuse System

For the masonry infill walls to be effectively isolated from the building frame by the
structural fuse system; there must be a gap between the sides and top of the infill panels
and the frame elements. To prevent overturning of the infill panels under in-plane loads,
the walls must be secured using a vertical tie-down element. In addition, the infill panel
must be prevented from sliding at the base. For the structural fuse system tests, the brick,
CMU, and AAC infill panels were tied down to the bottom beams of the test frame bays
by 0.5 in. dia. threaded rods. Sliding of the walls was prevented by steel angles welded
to the top of the HSS beams on either side of the walls.
When in-plane loads are applied to the infill walls in the structural fuse system, the
resulting overturning moment is counteracted by a resisting moment. The resulting
tension force in the vertical tie-down element is one of the force components of the
resisting moment, as illustrated in Figure 5.1. This tie-down force causes an average
compressive stress over the horizontal cross sectional area of the masonry wall. The
compression stress helps to resist the in-plane shear force applied to the wall, by
increasing the shear resistance of the masonry material.
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Aliaari (2005) performed a theoretical analysis of the in-plane strength of masonry infill
panels in the structural fuse system. This approach included an analysis of the flexural
capacity of the infill walls, as well as the shear strength of the panels. The shear strength
of the masonry material was calculated using several analytical equations presented by
various researchers and masonry design codes. The masonry infill wall capacities
calculated in this analysis were compared to the average strength of the brick infill panels
that were tested by Aliaari during the masonry wall tests.

Figure 5.1: Masonry infill wall under in-plane load

As part of this analytical study, Aliaari developed the following expression for the
average axial compressive stress on the masonry infill wall due to the force applied by
the vertical tie-down element:

σc =

h
V
lA

(5.1)

where σ c = average compressive stress, h = vertical distance from the base of the wall to
the point where the in-plane shear force is applied (reference Figure 5.1), l = horizontal
distance from the vertical tie-down element to the far vertical edge of the wall panel
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(reference Figure 5.1), A = horizontal cross sectional area of the wall, and V = applied inplane shear force.
Aliaari (2005) found that the analytically calculated flexural capacity of the masonry
walls in the structural fuse system was about two times greater than the shear capacity,
which was the controlling limit state for the in-plane strength of the infill panels. In
comparing the average strength of the brick wall specimens that were tested during the
masonry wall tests with the shear capacities calculated using various analytical
expressions; Aliaari found that the masonry shear strength equation presented in NEHRP
(2000), Equation (2.21), had the best agreement with the empirical results.
This expression, which is also adopted in the Masonry Standards Joint Committee’s 2008
Building Code for Masonry Structures (MSJC 2008), takes into account the shear
resistance related to the axial compression force applied to the masonry material. For
ease of reference, this expression is provided below in the following form:
V = (4.0 − 1.75α v )A f m' + 0.25 P

(5.2)

Where α v = shear ratio, f m' = specified masonry compressive strength, and P = axial
compressive force applied normal to the shear surface. Equation (5.2) can be rewritten in
terms of the variables given in Figure 5.1 by considering the following expressions:
P = A×σ c

αv =

M
h
=
Vd v L

(5.3)
(5.4)
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where M = overturning moment and d v = L = the horizontal length of the infill wall
(reference Figure 5.1). Substituting Equations (5.1), (5.3), and (5.4) into Equation (5.2)
and rearranging, results in the following expression:
⎛ 4 − 1.75(h L ) ⎞
⎟⎟
V = A f m' ⎜⎜
⎝ 1.0 − 0.25(h l ) ⎠

(5.5)

A similar substitution can be performed for Equation (2.25), which is taken from MSJC
(2008), for determining the upper limit of the in-plane shear strength of unreinforced,
running bond masonry that is not grouted solid. This expression, which also considers
the compressive force, P, acting normal to the shear surface, can be written as:
V ≤ 56 A + 0.45 P

(5.6)

By substituting Equations (5.1) and (5.3) into Equation (5.6) and rearranging, the
following expression is obtained:
V≤

56 A
1.0 − 0.45(h l )

(5.7)

Equations (2.23) and (2.24) are also upper limits on the in-plane shear strength of
unreinforced masonry material, taken from MSJC (2008). These can be written as:
V ≤ 3.8 A f m'

(5.8)

V ≤ 300 A

(5.9)

The nominal in-plane shear strength of the brick and CMU masonry infill walls used in
the structural fuse system testing program were calculated using Equations (5.5), (5.7),
(5.8), and (5.9). The parameters used for these calculations are summarized in Table 5.1.
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The masonry compressive strength values used for this analysis were based on the
average corrected compressive stress results obtained from the masonry prism tests.
Table 5.1: In-plane shear strength analysis parameters

The in-plane shear strength of the brick and CMU walls were computed as follows:
Equation (5.5):
⎛ 4 − 1.75(h L ) ⎞
⎛ 4 − 1.75(20.25 32 ) ⎞
⎟⎟ = 112 3600 ⎜⎜
⎟⎟ = 23.7 k
Brick: V = A f m' ⎜⎜
⎝ 1.0 − 0.25(h l ) ⎠
⎝ 1.0 − 0.25(20.25 28) ⎠
⎛ 4 − 1.75(h L ) ⎞
⎛ 4 − 1.75(20.25 32 ) ⎞
⎟⎟ = 57.5 2684 ⎜⎜
⎟⎟ = 10.5k
CMU: V = A f m' ⎜⎜
⎝ 1.0 − 0.25(h l ) ⎠
⎝ 1.0 − 0.25(20.25 28) ⎠

Equation (5.7):

Brick: V ≤

56 A
56(112)
=
= 9.3k
1.0 − 0.45(h l ) 1.0 − 0.45(20.25 28)

CMU: V ≤

56 A
56(57 )
=
= 4.8k
1.0 − 0.45(h l ) 1.0 − 0.45(20.25 28)

Equation (5.8):

Brick: V ≤ 3.8 A f m' = 3.8(112 ) 3600 = 25.5k
CMU: V ≤ 3.8 A f m' = 3.8(57.5) 2684 = 11.3k
Equation (5.9):

Brick: V ≤ 300 A = 300(112) = 33.6k
CMU: V ≤ 300 A = 300(57.5) = 16.8k
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Table 5.2 shows a comparison of the nominal in-plane shear strength values computed
with the above expressions, and the average shear strength capacities obtained from the
brick and CMU destructive wall panel shear tests. The nominal in-plane shear strength
computed using Eq. 5.5 showed good correlation with the test results for the brick infill
panels, however, this same equation underestimated the shear strength of the CMU walls
by a significant amount. The shear strengths of the brick and CMU walls predicted by
Equation (5.7) were much lower than those determined from the test results. The shear
strength values obtained for the brick and CMU walls using Equation 5.8 were slightly
larger than those computed with Equation (5.5). Equation (5.9) predicted strength values
that were greater than those obtained using Equation (5.5).
Table 5.2: In-plane shear strength of masonry wall panels (kip)

Based on this analytical study, and that performed by Aliaari (2005), it is recommended
that Equation (5.5) be used to determine the nominal in-plane strength of brick and CMU
masonry infill walls in the structural fuse system. Equation (5.8) should be used as an
upper bound for the in-plane wall strengths. From the results shown in Table 5.2, these
equations appear to be fairly conservative for determining the nominal in-plane shear
strength of CMU wall panels. The results from the masonry wall panel shear tests
performed on the CMU infill wall panels, however, had a high degree of variability.
Additional destructive wall tests should be performed to determine how conservative
Equations (5.5) and (5.8) are in predicting the in-plane strength of CMU walls.
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The nominal, in-plane shear strength of AAC infill panels should be taken as the least of
the web-shear cracking, diagonal compression strut crushing, and shear sliding limit state
capacities calculated using Equations (2.32), (2.35), and (2.36), respectively. Equation
(2.32) can be written in the form:
V = 0.95 A f ' AAC 1 +

P

(5.10)

2.4 f ' AAC A

where: f ' AAC = specified AAC masonry compressive stress. By substituting Equations
(5.1) and (5.3) into Equation (5.10), and rearranging, the following expression can be
obtained:
V 2 − 0.375 A f ' AAC (h l )V − 0.9 A 2 f ' AAC = 0

(5.11)

This equation can be solved using the quadratic formula to obtain the following:

(

)

V = 0.19 A f ' AAC (h l ) ± 0.5 A 0.14(h l ) + 3.6 f ' AAC
2

(5.12)

The AAC infill wall diagonal compression strut crushing capacity is determined from
Equation (2.35), which can be written in terms of the variables shown in Figure 5.1 as:
V = 0.17 f ' AAC t

hL2

h 2 + (0.75L )

(5.13)

2

where: t = the thickness of the AAC wall panel. The nominal in-plane shear strength of
the AAC infill walls used in the structural fuse system testing program were calculated
using the parameters given in Table 5.1, and Equations (5.12) and (5.13), as follows:

Web-Shear Cracking, Equation (5.12):

(

)

V = 0.19 A f ' AAC (h l ) ± 0.5 A 0.14(h l ) + 3.6 f ' AAC
2

(

)

= 0.19(128) 475 (20.25 28) + 0.5(128) 0.14(20.25 28) + 3.6 475 = 3.1k
2
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Diagonal Compression Strut Crushing, Equation (5.13):

V = 0.17 f ' AAC t

hL2

h 2 + (0.75L )

2

= 0.17(475)(4 )

20.25(32) 2

20.25 2 + (0.75(32))

2

= 6.8k

Based on this analysis, the web-shear cracking capacity of the AAC infill wall panels,
calculated per Equation (5.12), was less than half of the diagonal compression strut
crushing capacity, determined from Equation (5.13). Table 5.3 shows a comparison of
the in-plane AAC wall panel shear capacities calculated using Equations (5.12) and
(5.13) with the results of the masonry wall panel destructive shear tests. Both Equations
(5.12) and (5.13) underestimated the shear strength of the AAC wall panel specimens.
Table 5.3: In-plane shear strength of AAC walls (kip)

Although the expressions used to calculate the in-plane strength of the AAC infill panels
appear to be somewhat conservative per this analysis, they are recommended for use in
the design of frames infilled with AAC wall panels using the structural fuse system.
These equations were derived from the provisions published in MSJC (2008). There was
not enough data obtained during this research project to justify altering these equations to
yield less conservative results. Further testing should be done to validate these analytical
expressions.

5.3 Equivalent Strut Macro Model Analysis with SAP2000 v14

A simplified macro model approach for the analysis of the structural fuse system was
evaluated for use in the design office. This design method was based on an equivalent
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diagonal strut model. The equivalent strut model has been proposed by several
researchers including Polyakov (1960), Holmes (1961), Stafford-Smith (1962), and
Stafford-Smith and Carter (1969).
Using this approach, the two-bay, three-story test frame members were modeled with
standard frame elements, and an equivalent diagonal compression strut was used to
represent the masonry infill material. Initially, this model was created using RISA-3D
8.0 (RISA Technologies LLC), however, RISA-3D does not have the capabilities to
assign a compression force limit to the structural fuse elements, so SAP2000 v14
(Computers and Structures, Inc.) was used to perform the analysis. The intent of this
approach was to develop a simple analysis technique that can be used with standard
design software found in most structural engineering offices. To this end, the analysis
technique was kept as simple as possible.
The properties of the HSS5x5x3/8 steel frame members were assigned using the
predefined shape parameters available in SAP2000. The 3/8 in. dia. diagonal bracing
rods were modeled as tension only members, using a solid round bar cross section with
an area of 0.156 in.2 This is equivalent to the net tensile area, Ant , of two bracing rods,
determined using the following equation from AISC (2005):
2

0.9743 ⎞
0.9743 ⎞
⎛
⎛
Ant = 0.7854⎜ d b −
⎟ = .078
⎟ = 0.7854⎜ .375 −
16 ⎠
n ⎠
⎝
⎝

(5.20)

where: d b = nominal bolt diameter and n = number of threads per in.
To represent the masonry infill walls with an equivalent diagonal strut member, the
effective area of the strut, As , had to be defined. For this analysis, the equivalent strut
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area proposed by Holmes (1961), Equation (2.4), was used. Equation (2.4) can be written
in terms of the variables given in Table 5.1 as follows:
As =

t
h 2 + L2
3

(5.14)

Holmes (1961) found good correlation between his diagonal strut analytical model and
empirical test results obtained by various researchers. For this analysis the strut was
modeled as a compression only element. The material properties of the masonry material
were defined using the following equations from MSJC (2008). The cross sectional areas
and material properties assigned to the model elements for this analysis are summarized
in Table 5.4.

Modulus of Elasticity (Em):

Brick: E m = 700 f m'

(5.15)

CMU: E m = 900 f m'

(5.16)

AAC: E AAC = 6500( f ' AAC )

0.6

(5.17)

Modulus of Rigidity (Ev):

Brick/CMU: E v = 0.4 E m
AAC: E AAC = 0.4 E AAC

(5.18)
(5.19)

Table 5.4: SAP2000 analytical model member property assignments

The stiffness of the fuse elements was determined from the load-deflection curves
obtained from the lumber disk puncture tests. These curves were truncated at the point of
maximum load, and a linear trend line was fit to the data. The slopes of the trend lines
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were averaged for each disk thickness to obtain an equivalent stiffness. The fuse
elements were modeled as compression only link elements with the properties given in
Table 5.5. These elements were assigned a compression limit so that they could not
transfer a force greater than the fuse element capacity. The SAP2000 model used for
this analysis is shown in Figure 5.2. A 3-D view of the model is given in Figure 5.3.

Table 5.5: SAP2000 analysis fuse element properties

Moment End Release

Fuse Link Element

Tension
Rod

Compression
Strut

Pinned
Boundary
Condition

Figure 5.2: SAP2000 analysis model
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Fuse Link
Element
Third Story
Equivalent
Strut
Vertical HSS

Second Story

First Story
Bracing Rod

Horizontal HSS

Figure 5.3: 3D view of SAP2000 analysis model

Pinned boundary conditions were assigned to the bottom nodes of the first story HSS
columns. The nodes at the ends of the bracing rods and compression strut members as
well as the horizontal HSS beams were released for bending about the weak and strong
axis. The bending moments were also released at the top nodes of the vertical HSS
members so moment was not transferred at any of the frame connection locations.
Depending on the structural fuse test configuration being analyzed, displacements were
imposed at either the third story only, or at the first, second, and third stories of the test

305
frame. The direction of the applied displacements resulted in tensile forces on the
bracing rods and compression on the diagonal masonry struts.
An analysis matrix showing each of the analysis cases considered in this study is given in
Table 5.6. The results from the macro model analysis of the two-bay, three-story test
frame are shown in Table 5.7. In this table, the values given in parenthesis are the results
obtained from the structural fuse system tests. The bold numbers are the displacements
applied to the test frame during the tests and analytical study. In SAP2000, a target
displacement value can be applied to a node in the same way as you would assign a load.
From Table 5.7 it can be seen that for each of the analysis cases, the forces predicted by
the analytical model, corresponding to the imposed displacements, were much higher
than those actually applied to the test frame during the structural fuse system tests. This
result shows that the in-plane stiffness of the analytical model was much greater than the
actual test frame stiffness. During bare frame test BFT1 performed by Aliaari (2005), the
peak force applied at the third story level was 24 kip, at a third story displacement of 1.2
in. When a displacement of 1.2 in. was applied at the third story of the test frame during
the analytical study, the corresponding force at the third story level was 42.97 kip.
The main reason for the discrepancy in frame stiffness between the analytical model and
the actual test results is due to the nonlinear stress-strain behavior of the diagonal bracing
rods. Aliaari performed a finite element analysis of the test frame using ANSYS
(ANSYS, Inc.). In this model, nonlinear stress-strain behavior was assigned to the
diagonal bracing rods based on the rod behavior observed during the rod pulling tests
performed by Aliaari (2005). The results of this analysis had good correlation with the
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bare frame test. The reason nonlinear material properties were not assigned for the
SAP2000 analysis was because the goal of this analysis was to provide a simple approach
that could be used with various structural analysis and design software applications,
which may not have nonlinear material assignment capabilities.
By applying a compression limit to the link elements equal to the maximum fuse
capacity, the axial force in the equivalent compression struts was limited to the desired
magnitude. For all of the analysis cases where fuse elements were considered, except for
Case 9, the peak fuse capacity at each fuse element location was reached per the member
axial force results from the SAP2000 analysis. For Case 9, the peak axial force in the
fuse elements at the first story was 4.1 kip, and their assigned peak capacity was 4.6 kip.
In this case, the half-brace configuration was used and the in-plane stiffness of the test
frame was smaller.
During the actual structural fuse system testing program, the damage experienced by the
lumber disk fuses at the various fuse element locations varied, and not as many of them
reached their peak capacity as predicted by SAP2000. Again, the discrepancy between
the behavior predicted by the analytical model and that observed during the tests can be
explained by the simplified material properties assigned to the model elements. In this
case, linear stiffness behavior was assumed for the fuse elements. In reality, multi-stage
load-displacement behavior was observed during the lumber disk puncture tests. The
behavior of the fuse elements would be more accurately represented using a link element
with nonlinear stiffness properties. This was considered for the analysis; however, linear
stiffness properties were used, since the goal was to develop a simple analytical model.
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For the bare frame analysis cases where load was applied at the third story only, the
analytical results and measured displacements at the first and second story levels of the
test frame had good agreement. For the cases with fuse elements where load was applied
at the third story level only, the deflections predicted at the first and second story levels
by the SAP2000 model were larger than those measured during the tests. In the SAP2000
model, a much higher load was applied at the top story to achieve the same displacement
value. This higher load resulted in greater displacements at the first and second story
levels compared with the actual test results. For the cases where load was applied at all
three story levels, very little load was applied at the first and second story levels. This
behavior is similar to that observed during the monotonic fuse element tests.
Based on the results of this analytical study, it can be seen that the behavior of the
structural fuse system is difficult to model using simplified analytical techniques. A
more rigorous analytical model is required to better capture the nonlinear, inelastic frame
behavior observed during the structural fuse element testing program. This type of
analysis is outside the scope of this experimental program, however, the general approach
presented here is a good starting point. To improve the model, nonlinear material
properties should be used for the bracing rods and fuse elements. Also, a staged analysis
could be performed to capture the in-plane behavior of the structural frame at various
stages of deformation.
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5.4 Design Considerations

The first step in the design of the structural fuse system is to determine the capacity of the
masonry infill walls. The nominal capacity of Brick, CMU, and AAC walls can be
calculated using the equations presented in Section 5.2. These equations, which are
based on the provisions of MSJC (2008), yielded conservative results when compared to
the results of the CMU and AAC masonry wall shear tests performed as part of this
experimental program.
After calculating the nominal capacities of the masonry walls, the maximum fuse element
capacity must be determined. As discussed by Abrams (1992) and Tomazevic (1999) the
initial cracking for masonry walls subject to in-plane forces occurs at about 40% of the
ultimate load, while major cracks occur at around 70% of the walls ultimate capacity.
Based on this discussion, it is recommended that the maximum fuse element capacity be
less than 40% of the nominal capacity of the masonry infill walls. An additional safety
factor should also be considered based on the design method being used for the design
and analysis of the structural frame.
To avoid an undesirable fuse element failure sequence, which could result in a soft story
mechanism, careful consideration must be given to the capacities of the fuse elements
used at each story level. Aliaari (2005) discusses an approach for determining an
appropriate fuse element distribution for multi-story frames using the structural fuse
system. After determining the fuse element distribution, the frame can be analyzed for
the design lateral loads. The failure sequence of the fuse elements should be considered
in the analysis of the structural frame behavior.
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Chapter 6 – Summary, Conclusions, and Recommendations
6.1 Summary

Masonry infill walls are common architectural elements found in many buildings. They
have positive thermal and acoustic insulating properties and are useful for increasing the
stiffness of structural frames as well as helping to limit building deflections under normal
lateral loads such as wind and small earthquakes. However, the increase in a structures
stiffness provided by infill walls is often not taken into consideration, which can lead to
unexpected behavior or catastrophic collapse during a larger seismic event.
Masonry infill walls are used in many areas of the world prone to high seismic events.
Severe damage has been observed in buildings with masonry infill walls during major
earthquakes. Since infill walls change the dynamic properties of structures, they should
be considered in the design of infilled frames, or isolated from the frames altogether. A
new concept in the performance and design of masonry infill walls is the idea of a
structural fuse system. This seismic isolation system allows for composite interaction
between infill walls and the structural frame under normal lateral loads. Brittle failure of
the infill walls or frame elements is prevented by the introduction of a fuse mechanism
which isolates the infill material from the frame under higher loads.
The strength and behavior of infilled frames is influenced by the type of masonry and
mortar, quality of workmanship, interface condition between the panels and frame, type
of reinforcement, aspect ratio, and magnitude of vertical loads on the infilled frame.
Static, in-plane testing has shown that infill walls act as a diagonal compression strut with
distinct stages of behavior. Out-of-plane tests have demonstrated that infill panels with a
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gap between the wall and frame have reduced out-of-plane capacity. The dynamic
behavior of infilled frames has been studied by various researchers using quasi-static,
cyclic testing. Research has shown that the rate of load application used for cyclic tests
does not have a great impact on the behavior of the specimens for the range of
frequencies associated with the in-plane response of masonry walls. Researchers have
suggested generic quasi-static loading protocols for cyclic testing, as well as applying
loads using an inverted triangle, first mode load distribution.
To study the performance of the structural fuse system, Aliaari (2005) completed an
experimental program on a 1/4-scale, two-bay, three-story steel test frame with brick
infill walls and lumber disk fuse elements. In this study, in-plane, monotonic,
displacement controlled loads were applied at the top story of the test frame. As a
continuation of Aliaari’s work, an experimental program was designed and implemented
to evaluate the performance of the structural fuse system under cyclic loading, and to
determine its applicability for use with various masonry materials.
In this program, simultaneous, displacement controlled loads were applied at the first,
second, and third stories of the test frame to create a first mode response in the structural
system. Seismic loading conditions were simulated using a quasi-static, cyclic loading
protocol. A parametric study of the structural fuse system under static monotonic loading
was also performed with concrete masonry units (CMU) and autoclaved aerated concrete
(AAC) infill panels. The performance of the lumber disk fuse elements was evaluated
using lumber disk puncture tests. In plane shear tests and masonry prism tests were also
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performed to determine the in-plane and compressive strengths of the masonry materials
used in the parametric study.
The lumber disk puncture tests were performed to evaluate the performance of the lumber
disk fuse elements as a viable option for use in a fuse mechanism seismic isolation
system. During these tests the lumber disk specimens demonstrated consistent loaddeflection behavior and ductile failure modes. The results showed low variability in the
peak capacities of disk specimens with the same thickness. There was a fairly linear
relationship between disk thickness and fuse capacity.
Based on the results of the masonry wall panel shear tests and prism tests, the brick
masonry walls had the highest compressive and in-plane shear strengths. The
compressive and shear strengths of the CMU walls were slightly less than the brick
specimens; however, the CMU walls had higher in-plane stiffness. The in-plane capacity
and stiffness of the AAC walls were about half that of the CMU specimens. The
compressive strength of the AAC material was smaller than for the brick, CMU, and
HCT materials. Although their compressive strength was similar to the CMU specimens,
the HCT wall panels demonstrated brittle behavior and had low in-plane shear capacity.
For the cyclic testing program, a quasi-static, cyclic loading protocol was applied to the
test frame in both in-plane directions. During these tests, an inverted triangle, first-mode
frame deflection shape was maintained by applying independently controlled loads at
each story level. Very little load was applied at the first and second story levels during
the bare frame tests. A greater percentage of the total in-plane load was applied at the
first and second levels during the cyclic tests with fuse elements.

313
In general, similar frame behavior was seen in both load directions during the cyclic tests.
Damage to the brick infill walls was prevented by the lumber disk fuse elements, which
successfully isolated the brick infill walls from the test frame. Compared with the
monotonic tests, more load was applied at the first and second stories during the cyclic
tests, particularly for the tests with the half-brace frame configuration. Greater forces
were also applied at the first and second story levels for tests with stronger fuse elements
at these levels. To prevent an undesirable fuse element damage sequence, it is important
to have stronger fuse elements at the lower levels of the structural frame.
During the parametric tests, in-plane damage to the CMU and AAC infill panels was also
prevented by the lumber disk fuse elements. However, local AAC material crushing was
observed during these tests. The local bearing capacity of the masonry material should
be considered in the design of the structural fuse mechanism.

In order to develop equations that can be used to determine the in-plane capacity of
masonry infill walls in the structural fuse system, analytical expressions were proposed
based on the provisions published by the Masonry Standards Joint Committee (MSJC
2008) and an analytical study performed by Aliaari (2005). The results of the masonry
shear wall tests were compared with the in-plane strengths of the infill wall specimens
predicted by these expressions. While these equations had good correlation with the
results of the brick panel shear tests performed by Aliaari (2005), they were conservative
compared with the CMU and AAC wall capacities determined from testing. Further
experimentation should be performed to validate these expressions.
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In addition to the development of design equations, an analytical study was performed to
predict the in-plane behavior of the structural fuse system. The equivalent diagonal strut
model, proposed by several researchers, was used to represent the in-plane behavior of
the infill walls. Although several finite element analysis micro-models have been
proposed for the analysis of the in-plane behavior of infill walls, these are not as practical
in a design office setting due to the amount of development and computational time
required. Instead, a macro model approach was considered using SAP2000 (Computers
and Structures, Inc.) to model the frame elements.
The results of the macro model analysis were evaluated based on the data from the
structural fuse system testing program. This comparison showed that the forces predicted
by the analytical model for a given imposed frame displacement were higher than the
actual forces measured during testing. The use of compression only fuse elements with
an assigned compression limit was successful in limiting the force experienced by the
masonry compression strut members to the capacity of the structural fuse elements.
Based on these results, a more rigorous analytical model is needed which takes into
account the nonlinear material behavior of the frame members and fuse elements in order
more accurately predict the behavior of the structural fuse system. This analysis is
outside the scope of this work, but should be considered in an additional study.
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6.2 Conclusions

The following conclusions can be made from the results of this research program and
analytical study:
•

The lumber disk fuse elements used in this testing program demonstrated ductile
failure behavior and are a viable option for use in a seismic isolation system.

•

The HCT wall panels demonstrated brittle behavior and low in-plane strength.
They should not be relied on to carry in-plane lateral loads.

•

Brick, CMU, and AAC infill wall panels can be safely used as structural
building elements to increase the in-plane stiffness of structural frames, resist
lateral forces, and limit building deflections, as long as the loads experienced by
the infill walls are limited by the use of a seismic isolation device.

•

The maximum fuse element capacity used for the structural fuse system should
be less than 40% of the nominal wall capacity to prevent cracking.

•

The local bearing capacity of masonry materials should be considered in the
design of the structural fuse mechanism to prevent crushing at the fuse location.

•

The generic quasi-static load protocol proposed by Krawinkler (1992) is a good
approach for use in cyclic load testing of masonry infill wall systems.

•

The inverted triangle, first mode deflection shape used to distribute in-plane
loads to the test frame is a reasonable approach for applying displacement
controlled loads to multi-story frames to simulate seismic loading.
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•

The quasi-static load protocol used in this testing program resulted in more
realistic seismic load behavior than the previously used monotonic protocol.

•

The in-plane capacity of masonry infill walls can be conservatively estimated
using the nominal in-plane capacity equations presented in Chapter 4.

•

Careful consideration should be given to the distribution of the fuse elements in
the structural fuse system to prevent undesirable frame behavior.

•

The simplified macro model developed to analyze the structural fuse system
overestimated the in-plane stiffness of the test frame.

•

A macro model analysis, which utilizes an equivalent diagonal compression strut
to represent the in-plane strength of masonry infill walls, is a reasonable
approach for developing a simplified analysis method for the structural fuse
system.

•

The nonlinear behavior of the fuse elements should be considered in the
development of the macro-model.
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6.3 Recommendations for Future Work

Recommendations for future research regarding the structural fuse seismic isolation
system include:
•

Perform additional in-plane masonry wall shear tests to characterize the
strength of masonry walls in the structural fuse system including walls with
openings and varying aspect ratios.

•

Analyze the out-of-plane capacity and resistance of infill walls in the
structural fuse system.

•

Perform tests to determine the affect of the loading rate on the performance of
the lumber disk fuse elements.

•

Develop structural fuse elements with higher capacities.

•

Consider a fuse element with viscous damping properties.

•

Perform in-plane testing of the structural fuse system using a pseudodynamic
loading protocol.

•

Investigate analytically the effect of the type of element used to model the
fuse element on the in-plane behavior of the structural frame.

•

Develop a more rigorous analytical macro model using SAP2000 with nonlinear material definitions and a staged construction analysis.
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Appendix A. Additional Wood Disk Puncture Test Results
Table A.1: Additional lumber disk capacities.
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Figure A.1: 0.25 in. disk capacity
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Figure A.2: 0.5 in. disk capacity
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Figure A.3: 0.5 in. disk capacity
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Figure A.4: 0.5 in. disk capacity
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Figure A.5: 0.5 in. disk capacity
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Figure A.6: 0.5 in. disk capacity
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Figure A.7: 0.5 in. disk capacity
4500
4000
3500

Load (lb)

3000
2500

DA24
DA25
DA26

2000
1500
1000
500
0
0

0.05

0.1

0.15

0.2

0.25

0.3

Displacement (in.)

Figure A.8: 0.75 in. disk capacity

0.35

0.4

323

5000
4500
4000

Load (lb)

3500
3000
DA27
DA28
DA29

2500
2000
1500
1000
500
0
0

0.05

0.1

0.15

0.2

0.25

0.3

0.35

0.4

Displacement (in.)

Figure A.9: 0.75 in. disk capacity
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Figure A.10: 0.875 in. disk capacity
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Figure A.11: 1.0 in disk capacity
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Figure A.12: 1.0 in. disk capacity
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Figure A.13: 1.0 in. disk capacity
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Appendix B. Monotonic Test Fuse Element Damage

Figure B.1: Monotonic test disk locations on test frame
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Figure B.2: FBMT1 damage to fuse elements 2, 4 and 6

328

Figure B.3: FBMT1 damage to fuse elements 8, 10 and 12
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Figure B.4: FBMT2 damage to fuse elements 2, 4 and 6
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Figure B.5: FBMT2 damage to fuse elements 8, 10 and 12
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Appendix C. Cyclic Test Load-Deflection Hysteretic Behavior
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Figure C.1: FBCT1 1st Story Hysteretic Behavior
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Figure C.2: FBCT1 2nd Story Hysteretic Behavior
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Figure C.3: FBCT1 3rd Story Hysteretic Behavior
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Figure C.4: FBCT2 1st Story Hysteretic Behavior
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Figure C.5: FBCT2 2nd Story Hysteretic Behavior
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Figure C.6: FBCT2 3

Story Hysteretic Behavior
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Figure C.7: FBCT3 1st Story Hysteretic Behavior
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Figure C.8: FBCT3 2nd Story Hysteretic Behavior
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Figure C.9: FBCT3 3rd Story Hysteretic Behavior
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Figure C.10: FBCT4 1st Story Hysteretic Behavior
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Figure C.11: FBCT4 2nd Story Hysteretic Behavior
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Figure C.12: FBCT4 3rd Story Hysteretic Behavior
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Figure C.13: HBCT1 1st Story Hysteretic Behavior
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Figure C.14: HBCT1 2nd Story Hysteretic Behavior
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Figure C.15: HBCT1 3rd Story Hysteretic Behavior

336

1500
1000

Load (lb)

500
0
-500
-1000
-1500
-0.5

-0.4

-0.3

-0.2

-0.1

0

0.1

0.2

0.3

0.4

0.5

Displacement (in.)

Figure C.16: HBCT2 1st Story Hysteretic Behavior
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Figure C.17: HBCT2 2nd Story Hysteretic Behavior
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Figure C.18: HBCT2 3rd Story Hysteretic Behavior
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Appendix D. Cyclic Test Fuse Element Damage

Figure D.1: Cyclic test disk locations on test frame
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Figure D.2: FBCT1 damage to fuse elements 1, 2 and 3
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Figure D.3: FBCT1 damage to fuse elements 4, 5 and 6
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Figure D.4: FBCT1 damage to fuse elements 7, 8 and 9

341

Figure D.5: FBCT1 damage to fuse elements 10, 11 and 12

342

Figure D.6: FBCT2 damage to fuse elements 1, 2 and 3

343

Figure D.7: FBCT2 damage to fuse elements 4, 5 and 6
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Figure D.8: FBCT2 damage to fuse elements 7, 8 and 9

345

Figure D.9: FBCT2 damage to fuse elements 10, 11 and 12

346

Figure D.10: FBCT3 damage to fuse elements 1, 2 and 3
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Figure D.11: FBCT3 damage to fuse elements 4, 5 and 6
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Figure D.12: FBCT3 damage to fuse elements 7, 8 and 9
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Figure D.13: FBCT3 damage to fuse elements 10, 11 and 12
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Figure D.14: FBCT4 damage to fuse elements 1, 2 and 3
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Figure D.15: FBCT4 damage to fuse elements 4, 5 and 6

352

Figure D.16: FBCT4 damage to fuse elements 7, 8 and 9

353

Figure D.17: FBCT4 damage to fuse elements 10, 11 and 12
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Figure D.18: HBCT1 damage to fuse elements 1, 2 and 3

355

Figure D.19: HBCT1 damage to fuse elements 4, 5 and 6
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Figure D.20: HBCT1 damage to fuse elements 7, 8 and 9

357

Figure D.21: HBCT1 damage to fuse elements 10, 11 and 12
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Figure D.22: HBCT2 damage to fuse elements 1, 2 and 3
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Figure D.23: HBCT2 damage to fuse elements 4, 5 and 6

360

Figure D.24: HBCT2 damage to fuse elements 7, 8 and 9
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Figure D.25: HBCT2 damage to fuse elements 10, 11 and 12
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Appendix E. Parametric Test Fuse Element Damage

Figure E.1: Monotonic test disk locations on test frame

363

Figure E.2: CMUT1 damage to fuse elements 2, 4 and 6

364

Figure E.3: CMUT1 damage to fuse elements 8, 10 and 12
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Figure E.4: CMUT2 damage to fuse elements 2, 4 and 6

366

Figure E.5: CMUT2 damage to fuse elements 8, 10 and 12
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Figure E.6: CMUT3 damage to fuse elements 2, 4 and 6

368

Figure E.7: CMUT3 damage to fuse elements 8, 10 and 12
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Figure E.8: CMUT4 damage to fuse elements 2, 4 and 6

370

Figure E.9: CMUT4 damage to fuse elements 8, 10 and 12
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Figure E.10: CMUT5 damage to fuse elements 2, 4 and 6
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Figure E.11: CMUT5 damage to fuse elements 8, 10 and 12
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Figure E.12: CMUT6 damage to fuse elements 2, 4 and 6

374

Figure E.13: CMUT6 damage to fuse elements 8, 10 and 12
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Figure E.14: AACT1 damage to fuse elements 2, 4 and 6
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Figure E.15: AACT1 damage to fuse elements 8, 10 and 12

377

Figure E.16: AACT2 damage to fuse elements 2, 4 and 6
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Figure E.17: AACT2 damage to fuse elements 8, 10 and 12
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Figure E.18: AACT3 damage to fuse elements 2, 4 and 6

380

Figure E.19: AACT3 damage to fuse elements 8, 10 and 12
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Figure E.20: AACT4 damage to fuse elements 2, 4 and 6

382

Figure E.21: AACT4 damage to fuse elements 8, 10 and 12

383

Figure E.22: AACT5 damage to fuse elements 2, 4 and 6

384

Figure E.23: AACT5 damage to fuse elements 8, 10 and 12
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Figure E.24: AACT6 damage to fuse elements 2, 4 and 6

386

Figure E.25: AACT6 damage to fuse elements 8, 10 and 12
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